INFORMATION TO USERS

The most advanced technology has been used to photo-
graph and reproduce this manuscript from the microfilm
master. UMI films the original text directly from the copy
submitted. Thus, some dissertation copies are in typewriter
face, while others may be from a computer printer.

In the unlikely event that the author did not send UMI a
complete manuscript and there are missing pages, these will
be noted. Also, if unauthorized copyrighted material had to
be removed, a note will indicate the deletion.

Oversize materials (e.g., maps, drawings, charts) are re-
produced by sectioning the original, beginning at the upper
left-hand corner and continuing from left to right in equal
sections with small overlaps. Each oversize page is available
as one exposure on a standard 35 mm slide or as a 17" x 23"
black and white photographic print for an additional charge.

Photographs included in the original manuscript have been
reproduced xerographically in this copy. 35 mm slides or
6" x 9" black and white photographic prints are available for
any photographs or illustrations appearing in this copy for
an additional charge. Contact UMI directly to order.

@IUMI

Accessing the World's Information since 1938

300 North Zeeb Road, Ann Arbor, MI 48106-1346 USA







Order Number 8806418

Moment connections between steel heams and concrete columns

Sheikh, Taugir Muhammad, Ph.D.

The University of Texas at Austin, 1987

U-M-1

300 N. Zeeb Rd.
Ann Arbor, MI 48106







PLEASE NOTE:

In all cases this material has bezen filmed in the best possible way from the available copy.
Problems encountered with this document have bean identified here with a check mark _v_.

-t

Glossy photographs or pages
Colored illustrations, paper or print
Photographs with dark background /

lllustrations are poor copy

Pages with black marks, not original copy _____~

Print shows through as there is text on both sides of page

Indistinct, broken or small print on several pages v

Print exceeds margin requirements

© ® N O O » ©® N

Tightly bound copy with print lost in spine

-t
o

Computer printout pages with indistinct print

-l
-t
.

Page(s) lacking when material received, and not available from school or
author.

12. Page(s) seem to be missing in numbering only as text follows.
13. Twopagesnumbered . Textfollows.

14, Curling and wrinkled pages ____

15. Dissertation contains pages with print at a slant, filmed as received

16. Other

UMI







MOMENT CONNECTIONS BETWEEN STEEL BEAMS AND

CONCRETE COLUMNS

by

Tauqir Muhammad Sheikh, B.Sc., M.S.

DISSERTATION
Presented to the Faculty of the Graduate School of
The University of Texas at Austin
in Partial Fulfillment
of the Requirements
for the Degree of

DOCTOR OF PHILOSOPHY

THE UNIVERSITY OF TEXAS AT AUSTIN

December 1987



MOMENT CONNECTIONS BETWEEN STEEL BEAMS AND

CONCRETE COLUMNS

APPROVED:




0

ACKNOWLEDGEMENTS

The experimental work reported herein was carried out at
the Phil M. Ferguson Structural Engineering Laboratory, Balcones
Research Center, The University of Texas at Austin. The research
was sponsored by (i) National Science Foundation, grant number
MSM-8412111, (ii) American Institute of Steel Construction, and
(iii) CBM Engineers, Inc., Houston, TX. The author is grateful
to each sponsor, especially Dr. P.V. Banavalkar of CBM Engineers
who provided necessary support and funds to initiate the project.

The research was carried out under the direction of Dr.
Joseph A. Yura and Dr. James O. Jirsa, author's dissertation
supervisors. The author is deeply indebted to them for the
continuous support and valuable advice that made this work
possible. The encouragement of Dr. Yura and his generously
devoted time is greatly appreciated. The author also
acknowledges other members of the dissertation committee for
their helpful suggestions.

The author is greatly obliged to his fellow graduate
stﬁdent Gregory Deierlein without whose suggestions, ideas and

help, this research program would not have run smoothly. The

. assistance of other graduate students, Leo Linbeck, III, David

Hartmann, David Yates, Paul Tikalsky and Robert Treece is also
acknowledged. The help of undergraduates Leo Sanchez and David
Inlow is greatly appreciated.

The technical assistance of Blake Stasney, Patrick Ball,
Alex Tahmassebi, Richard Marshall, Jean Gehrke and G. Hinckley is
gratefully acknowledged. The contributions of other staff

including Laura Golding and Sharon Cunningham are appreciated.
Tauqir M. Sheikh

The University of Texas at Austin
December, 1987

iii




MOMENT CONNECTIONS BETWEEN STEEL BEAMS AND
CONCRETE COLUMNS

Publication No.

Taugir Muhammad Sheikh, Ph.D.
The University of Texas at Austin, 1987

Supervising Professors: Dr. Joseph A. Yura
Dr. James 0. Jirsa

In recent years mixed steel-concrete structural systems
have gained popularity for the construction of buildings, es-
pecially those over 30 stories high. Although these systems are
termed "mixed", the structural members within a subsystem are
made of a single material, steel or concrete. These systems
traditionally make use of only simple shear connections between
steel beams and concrete columns. As a result, there is a mini-
mum interaction between the two materials. The efficiency of
mixed systems can be substantially enhanced by combining members
of structural steel and reinforced concrete by developing moment
connections between steel beams and concrete columns.

Several methods are available for the transfer of steel
beam flange forces to the connection panel. Lever Mechanisms and
face bearing plates (FBP) were experimentally investigated. FBPs
are steel plates welded to the beam at column faces. Steel panel
thickness, and thickness, width and configuration of FBP were
chosen as variables. Nine, 1/2 to 2/3 scale steel beam-concrete
column subassemblages, representing interior connections, were
tested under simulated monotonic lateral loads to examine

strength and stiffness of the connections.
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The test results show that face bearing plates substan-
tially enhanced joint strength. Variations in the thickness of
these plates did not affect the joint capacity. The joint capa-
city, however, was increased by increasing the width of the FBP.
Extending the FBPs above and below the beam Qas most effective
and increased both the joint strength and stiffness.

Based on the test data, a design model which identifies
principal forces on the connection panel was developed. The
resistance to joint shear is furnished by a) steel panel in pure
shear and b) concrete panel through diagonal compression strut.
A design approach is proposed which can be used to detail the

connections.
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CHAPTER ONE

MIXED STEEL-CONCRETE STRUCTURAL SYSTEMS

1.1 Introduction

In the last twenty years or so, several structural systems
for the construction of buildings have evolved to exploit the
best characteristics of both reinforced concrete and structural
steel. These structural systems are termed mixed steel-concrete
systems, composite systems or hybrid systems, and are especially
popular for the construction of tall buildings.

A structural s&stem for buildings is composed of two
primary subsystems; lateral load resisting subsystem and gravity
load subsystem. Mixed structural systems invariably use struc-
tural steel for the gravity load subsystem. For the lateral load
subsystem, reinforced concrete or composite members in various
forms are used. The lateral load subsystem is designed to carry
its share of gravity forces and resist all the lateral loads.
This subsystem is also required to provide the stiffness required

for:

a) limiting lateral sway (drift) to prevent cladding
and partition distress;

b) limiting acceleration to prevent disturbing percep-
tion to lateral motion; and

c) providing overall system stability under the entire
gravity loads and lateral loads.

The overall effectiveness of a given combination of steel
and concrete components is controlled not only by structural

efficiency, but is controlled significantly by other factors like




material availability and cost, construction technology and
labor, and constraints from architectural and mechanical disci-
plines. A structural system most efficient under one set of
constraints may not be applicable in other situations. Mixed
systems, in general, utilize the most desirable characteristics
and assets of each material so that the combination may result in
a higher order of overall efficiency.

Mized systems use structural steel for light and simple
floor framing, smaller size steel columns, and flexibility for
space planning, especially in the core. A typical steel beam and
composite metal deck floor system weighs approximately 60% of a
typical reinforced concrete floor system. Although the costs of
the two are comparable, reduced weight from steel framing can
still result in large savings in columns and foundation costs.
Another particular asset of steel construction is that elements
are prefabricated in plants under mechanized and controlled con-
ditions resulting in higher speed of construction which is a
major factor in determining the cost of most tall buildings.

Mixed systems use concrete for its moldability to any
shape, durability in different weather conditions, fire resis-
tance, insulating qualities, easy availability in any strength at
relatively low cost, better damping characteristics, and above
all, its inherent stiffness characteristics. Motion perception
and lateral stiffness are the most important structural con-
siderations, especially for tall buildings. Reinforced concrete
lateral load resisting subsystems, because of their larger mass
and better mechanical damping properties, reduce the problem of
perception to motion. The development of readily available high
strength concrete in the range of 7000 to 14000 psi has resulted
in much improved rigidity since the concrete elastic modulus

increases with the strength., High strength concrete has also




made it possible to keep the columns reasonable in size. Cost
analyses indicate [18] reinforced concrete columns are almost 11
times more cost effective in strength and about eight times more
cost effective in terms of the axial stiffness as compared to
steel columns. However, the concrete columns weigh about 25%
more and are almost three to four times the size of steel
columns. Also concrete is at a distinet disadvantage when it
comes to beams and floor framing because of higher labor costs
‘for formwork and shoring, and slower speed of construction.

In the current practice of mixed structural system design,
individual components within each of the primary subsystems are
still made of a single structural material{ i.e. reinforced
concrete or structural steel. The connections between the steel
floor beams and lateral load resisting concrete members are
designed as simple shear connections. Hence, there is minimum
interaction between the two materials.

The economy of mixed systems can be substantially enhanced
by using members of two different materials within a subsysten,
e.g. steel beams with concrete columns/walls for lateral load
resistance. However, in this case a moment connection between
steel beams and concrete columns or walls is required.

Currently there is no data available for the design of
such connections and they are not covered in any design specifi-
cations. Various authors (Iyengar, 24; Griffis, 18) have
emphasized that research is critically needed for design methods
and standardization of connections between steel beams and rein-

forced concrete and composite columns.

1.2 Mixed Steel-Concrete Systems

Most mixed structural systems have been developed for

construction of tall buildings. Therefore, lateral load resis-




tance has perhaps been the most controlling subsystem into and
around which are fitted other subsystems required for gravity
loads. To date, most tall buildings of mixed construction are in
regions where wind resistance is of prrime concern, but there is
growing interest in their use as economical structures in earth-
quake regions. Most of the mixed systems, with some adjustments,
can be adapted readily to seismic design and construction.

Some of the common mixed structural systems are:
composite framed tube system, concrete core braced system,
multiple concrete core support system, panel braced frame
system, and encased steel frame system. These systems are
described in detail in Refs. 22, 23 and 46. Only one of these
structural systems, composite framed tube system, is discussed in
the following to illustrate the possible use of steel beams with
concrete columns using moment connections.

The composte frame tube system is perhaps the most popular
mixed structural system. Like other mixed systems, the gravity
load subsystem consists of steel beams composite with composite
metal deck. The concept is shown in schematic form in Figs. 1.1
and 1.2. The floor beams are connected to the steel columns at
the interior using simple shear connections. At the exterior
these beams are connected to small steel erection columns which
are later embedded in the concrete columns. Small steel beams
are required at the exterior to brace the floor framing during
construction. These beams are also embedded in the concrete
spandrel beams as shown in Fig. 1.2. The floor framing and the
interior steel columns are designed to carry the gravity loads
only. A reinforced concrete exterior framed tube is used as the
lateral load-resisting subsystem. It consists of closely spaced
concrete columns at the perimeter of the building with deep

concrete spandrel beams. A typical section of the spandrel beam



20 at 10'-0" = 200'-0"

N

’ - - - I J-
CORE
e o
AT =5 1

Concrete Framed Tube Stee! Floor Froming

Fig. 1.1 Typical floor plan - composite framed tube system.

i
o" !

10 at 10'-0"=100

J 1T
- “I+ TF?N
I !
iy | !
L Concrete H' ..‘.L:
Column ! Bracing Beam=—_ 75! }. . ‘
0 :ll g \_'..._ b,
1 =
\ 1k .‘l
R (R - A —
SN PAPS, Molz’ 22 ° ™ Concrete
SN (RSN ! M S I Spandrel
eyt 't‘—.__o == 1 Beom
Erection Columnf '
PLAN SECTION

Fig. 1.2 Conventional composite framed tube system details.




and exterior columns is shown in Fig. 1.2. The exterior framed
tube is designed to resist all the lateral loads.

Concrete placement for the exterior columns and spandrel
beams typically lags about 10-12 floors behind the steel erec-
tion. Metal deck installation quickly follows erection of the
steel framing after which concrete on the deck is placed. The
completed slab is also used as a construction platform for
lifting prefabricated reinforcement cages and gang forms for the
construction of the framed tube. The small exterior steel erec-
tion columns are designed to carry a maximum of 5-6 concreted
floors and 5-6 floors with metal deck only plus any construction
ioad. The contribution of the embedded steel column to the
concrete column's strength and stiffness is generally neglected.

The exterior framed tube form offers considerable flexi-
bility for variations in shape without significant loss of
structural efficiency of lateral load resistance. Partial or
incomplete framed tubes, cluster of tubes, and bundled tubes have
been used.

The total stiffness of the framed tube is controlled by
the axial deformation of the columns, the flexural deformation of
the beams and columns, and the shear distortion of the beam-
column joints. As the height-to-width ratio of a building
increases from two-to-five or more, the contribution of axial
stiffness of the columns to the overall stiffness increases from
10-20% to well over 50%. The reinforced concrete columns are
found to be cost effective in providing strength, as well as
axial stiffness, when compared to steel columns. The size of the
concrete columns would not be unreasonably large, especially when
readily available high strength concrete is used. The weight

would be slightly more than that of steel columns.




The economy of the composite framed tube system could be
further enhanced if steel spandrel beams are used with reinforced
concrete columns, as shown in Fig. 1.3. This combination would
eliminate the formwork cost of spandrels. Steel spandrels would
simply replace the bracing beams and fuse with the remaining
steel floor framing. Similarly, steel beams could be used as
link beams with reinforced concrete walls in other mixed
structural systems. As mentioned earlier, this combination of
steel beams and concrete columns/walls requires information

regarding the moment connections between them.

1.3 The Connection Problem

In the current practice of mixed systems there is limited
interaction between the members of two different materials 1i.e.
steel and concrete. The connections between steel floor beams
and concrete columns or walls are generally made using simple
shear connections. A few commonly used simple connection details
are shown in Fig. 1.4. These connections can be designed using
the recommendations of the Prestreésed Concrete Institute (PCI)
committee on connection details [40, 41] and the American
Concrete Institute (ACI) building code [4].

In order to use steel and concrete together in the lateral
load resisting subsystem, a moment connection between steel beams
and concrete columns or walls would be required. Currently,
there is no information available for the design of such moment
connections. There is an urgent need for data to establish the
design guidelines for such moment connections so more sconomical
mixed systems can be developed.

In recent years there has been a growing interest among
design engineers to combine structural steel beams with

reinforced concrete or composite columns/walls. Despite the lack
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of design information, a few examples of their use have been
reported. Griffis [18], and Moore and Gosain [35] have described
their use in the structural system of two buildings; the 52-
story Three Houston Center Gulf Tower, Houston, Texas, and the
49-story First City Tower, Houston, Texas. The perimeter
composite framed tube or frame, consisting of steel spandrel
beams and composite columns, were designed to provide resistance
to lateral 1loads. Concrete shear walls linked with steel beams
were used for additional lateral resistance in the First City
Tower. Unfortunately, the details of the connections between
these steel beams and composite columns or concrete walls,
employed in these two buildings, are not published.

O0'Leary and Undrill [37] have described a structural
system using steel beams and concrete columns. In this system
plane frames were used at the perimeter of the building to resist
" the entire seismic forces of the building. These frames
consisted of rectangular structural steel beams and closely
spaced reinforced concrete columns. O'Leary and Undrill used the
system in four completed multi-story buildings ranging from 14 to
17 stories. Typically, the columns were 3'-4" to 3'-9" deep with
about 3'-4" clear spacing between columns. Beams were solid
rectangular sections, ranging from 2 in., wide X 12 in. deep to 1-
1/2 in. wide X 6 in. deep in cross section. The moment
connecticns between the steel beams and the concrete coluﬁns were
made using bearing plates, as shown in the Fig. 1.5., which were
clamped to the beam with one long bolt at each side of the
rectangular beams. The concrete bearing stresses were limited to
those allowed in ACI 318 Code [4]. However, special
supplementary hoops were used adjacent to the plates. O'Leary
and Undrill claim the system achieved the ductility of structural
steel beams without utilizing field bolted or welded connections
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with steel columns. Several construction problems were noted
including congested reinforcing in relatively narrow columns,
beam placement, etc.

The behavior of a framed tube or a rigid frame, when
subjected to lateral loads, is shown in a partial view in Fig.
1.6a drawn at exaggerated scale. Overturning moments cause axial
forces in columns. These forces, coupled with lateral shear and
relative axial movement of columns, cause reversed curvature
moments in beams and columns. 1In addition to resisting these
forces, the framed tube or rigid frame is required to furnish
adequate stiffness to limit the lateral drift, perception to
lateral motion, and P-A effects due to gravity loads. Lateral
stiffness is comprised of axial stiffness of columns, flexural

stiffness of beams and columns, and joint rigidity.
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Under lateral loads, a typical joint is subjected to the
forces from the adjoining members as shown in Fig. 1.6b. A
moment connection between steel beam and concrete column should

be designed to resist these forces and provide adequate rigidity.

1.4 Possible Connection Details

As described in the last section, moment connection

between a steel beam and concrete column must provide enough
strength to resist the forces from the adjoining members and
ensure adequate stiffness to limit total joint distortion.
Designing for strength invelves, a) the transfer of steel beam
flange forces (shown as T;, C;, T, and C, in Fig. 1.7) to the
joint or connection panel; b) the resistance of high shear
forces generated in the connection panel (shown as Vh in Fig.
1.7); and ¢) the transfer of the column axial load through the
joint. The term "joint" or "connection panel" refers to the
concrete and structural steel within the depth of the beam
bounded by the column faces, as indicated in Fig. 1.7. The
structural steel and concrete are called "steel panel" and
"eoncrete panel", respectively. It is clear that most attention
should be directed to transferring flange forces to the
connection panel, since the joint should have substantial
strength to resist shear as well as axial load, if mobilized. If

needed, the steel panel can be strengthened with doubler plates.

12

A review of concrete joints and steel joints is given in Appendix

A.

Several means of transfering stress from the steel flanges
to the connection panel are possible. However, bond forces may
not be relied upon as they are small in magnitude and vary
substantially under different steel surface conditions. Also, as
the load is increased, the bond is likely to break and it is not
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recoverable. Therefore, the bond forces are ignored. Five
methods of flange stress transfer are shown in Fig. 1.9 and are
described below.

Beam Embedment. If a steel beam is embedded in the

concrete column withcut any attachments, the flange forces would
be transferred to the steel panel by forming four reaction or
compression blocks, Ct’ C;, Cb' and Cg as shown in Fig 1.8. This
mechanism of stress transfer is called a "Lever Arm Mechanism."
It should be noted that in this mechanism only the steel panel is
mobilized and no flange force is transferred to the concrete
panel. The vertical shear force in the steel panel at the column
centerline, as shown in Fig. 1.8, is

L]
Vv = Ct + Cb - VZ (1-1)

Complementary horizontal shear is equal to,
Vh = Tg + CP - Vt ’ (1-2)

The maximum shear force is limited by the steel panel strength.
Face Bearing Plates. Flange forces may be transferred to

the concrete panel through the use of face bearing plates (FBP),
shown in Fig. 1.9a. These plates may be placed between the
flanges only at each side of the web and welded all around in
which case they will look like ordinary web stiffeners. Bearing
plates may also be extended above and below the beam in which
case they may require support plates as shown in Fig. 1.9a. The
face bearing plates would be welded to the beam before the column
is cast. As such, these plates would eliminate the need for
formwork between flanges. The face bearing plates could be equal

in width or wider than the beam flange.
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Steel Column. A small steel column (Fig. 1.9b) required

for the erection of steel framing; may improve the transfer of
flange forces to the concrete panel or may reduce the joint
distortion. The erection column may Be welded directly to thé
beam flanges or it may be field-bolted if a column base plate is
used. If, for ease of steel erection, the column must be
continuous, it can be offset from the beam centerline.

Shear Studs. Headed shear studs could be welded on the
outside and/or inside faces of the flanges to transfer the flange
forces to the concrete panel. Shear studs may also be welded on
each side of the web panel as shown in Fig. 1.9b to hold the
steel and concrete panels together. Shear studs might reduce the
joint distortion and in addition might increase the strength of
the connection.

Rods or Bars. As shown in Fig. 1.9b, threaded rods or

reinforcing bars may be fastened to the beam flanges near the
column faces. Alternatively reinforcing bars could be welded
directly to the flanges or through pieces of steel angles pre-
welded to the flanges. These rods/bars might improve the
efficiency of the "lever arm mechanism" or enhance the rigidity

of the connection.

1.5 Scope and Objectives

After identifying various connection details it is clear
that in order to understand and evaluate fully the moment
connection between steel.beams and concrete columns, a large
number of parameters need to be investigated for their influence,
both qualitatively and quantitatively. The parameters include:
thickness and width of the flanges of the steel beam; thickness
of steel panel and its aspect ratio, i.e.ratio of column depth,
Dc, to beam depth, Db; thickness, width, and configuration of
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face bearing plates; size and orientation of steel erection
column; size, spacing and location of shear studs; size and
quantity of rods/bars; etc. In addition, the influence of column
axial load, concrete strength, reinforcement details inside and
adjacent to the joint, and type of loading need to be
investigated.

The effect of steel beam web thickness; and thickness,
width, and configuration of face bearing plates on the
performance of steel beam-to-concrete column moment connections
were studied in this dissertation. Nine tests were conducted to
study these parameters experimentally. Past research and
practice in related areas, as well as all concrete and all steel
connections, were reviewed. Based on this re?iew, as well as the
observed behavior of the test specimens, the influence of axial
load on columns, concrete strength, and reinforcement details
inside and near the joint, are conservatively assessed. A design
approach is developed ian which both strength and stiffness
requirements of the connections are considered.

In current practice, mixed systems are used primarily when
wind forces govern the design. In tﬁis study, the performance of
moment connections between steel beams and concrete columns under
monotoniec loading is of primary concern. Mixed systems,
especially those combining steel beams with concrete columns or
walls for the lateral load resisting subsystem, however, possess
a great potential for seismic resistance when the connecciens are
detailed adequately.

The scope of this study is limited to interior beum-column

connections and the objectives are:

1. To investigate experimentally the behavior of moment

connections between concrete columns and steel beams
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with and without face bearing plates, primarily
under monotonic lateral loads.

2. To assess, from past research and practice, the
influence of secondary factors on the performance of
such connections.

3. To develop a design model and formulate
recommendations for the design of moment connections

between steel beams and concrete columns.

Before describing the test series, a brief review of the
past research and practice related to composite joints 1is
presented in Chapter 2. The behavior of reinforced concrete
beam-column joints and structural steel rigid connections and
their design guidelines ‘are summarized in Appendix A. The test
series is described in chapter 3 and its results presented in
chapter 4, Joint strength is evaluated in chapter 5 and a design
model is proposed in chapter 6. Conclusions and design

recommendations are summarized in chapter T.




CHAPTER TWO

REVIEW OF PAST RESEARCH AND PRACTICES

2.1 Developments in the United States

There has not been any research reported in the United
States at this time for moment connections between steel beams
and reinforced concrete columns, as such. Some work on the
behavior of embedded steel sections used as brackets, which might
be relevant to this study, is presented here.

The Prestressed Concrete Institute (PCI) Committee on
Connection Details [40, 41] presented design equations for the
strength of structural steel sections embedded in reinforced
concrete columns/walls to serve as brackets. These equations
were based on conservative simplifying assumptions related to the
forces shown in Fig. 2.1a. The concrete compression stress block
was assumed to have a depth of 1,/3 and a width equal to beam
width, b. The ultimate concrete bearing capacity, V,, is given
as Eq. 2.1a in Ref. 41 and as Eq. 2.1b in Ref. 4o.

0.85 f. bl

Uy = mmmee c__.¢ (2.1a)
3+ 4 e/lg
0.85 £ bl

U, = e c__-S. (2.1b)

3.67 + U4 a/ly

The two equations are similar in form except that the shear span,
a or e, is defined differently.
The additional capacity of the bracket due to

reinforcement welded to the structural steel section as shown in

19
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Fig. 2.1 Resistance of embedded bracket at uitimate (Ref. 44),

Fig. 2.1b is given by Egs. 2.2a and 2.2b in Refs. 41 and 40,

respectively.
1] ]
3As fs
Vr 2 ee—e————— ) (2.2a)
3+ 4 e/l
]
3As fé
vr‘ = eecmaccoooaoe (2-2b)

3.67 + 4 a/ly

where f; = 87000 (1-3 d'/le) < fy and fy = gpecified yield
strength of the welded bars. The sum of Egs. 2.1 and 2.2 give

the combined capacity, Vu‘ The reinforcement, As, if required,

is calculated as:
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A

o = 1/£, [.85 £ D 1./3 + Ag £g = V] (2.3)

Rath [44] examined the philosophy behind the PCI
recommendations [40, 41] for the design of embedded steel
sections used as bracket. The concept was believed to be
conservative but adequate in the absence of research data. He
also noted that holes (greater than 1 in. diameter) drilled
through the web of the embedded wide flange section can ensure
good concrete consolidation between flanges. Also, headed studs
welded to the web should ensure bearing confinement of the
concrete between the flanges as well as distribute bearing
stresses over a width greater than the width, b, of the steel
section.,

Mattock and Gaafar [31] studied the behavior of embedded
steel sections as brackets both analytically and experimentally.
A total of five tests were conducted using 16-in., long steel
sections which were embedded in one face of a 12X 10 in. cross
section reinforced concrete column. A typical test specimen is
shown in Fig. 2.2. Rectangular steel sections of varying widths,
I-sections with thick flanges, and a W4 section were used as
brackets. The load was applied at a distance 4 to 6 in. from the
face of the column. Concrete compressive bearing straing were
recorded using strain gages, mounted on small mortar blocks which
were epoxied to the steel section before placement in the forms.
The gages were lost at ultimate load, however, the estimated
strain for the W4 section was 0.012 under the web. The strain
below the edge of the bottom flange was negligible until near the
ultimate load when it increased to a maximum of about 0.005.
This increase was attributed to a diagonal-strut action occurring

in the concrete between the bottom flange and the faces of the
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web of the W-section. The upper flange was not stiffened
externally and thus resisted a very small bearing stress. The
length of the compression zone, ¢, as shown in Fig. 2.3 was
approximately 70% of the embedded length, lg, for all five tests.
The sum of the bearing stresses under the top and bottom flanges
of the W4 section was approximately the same as that on the
bottom of the solid rectangular section of the same width. The
bearing stress, however, increased as the ratio of the width of
the section, b, to the width of the column, b,, decreased. The

authors found the bearing stress, fb, was
- 0.66 o'
fb = 0.85(bc/b) fc (2.4)

Other authors (21, 28, 60) found that concrete bearing strength
under strip loading was proportional to the concrete tensile
strength, fct’ i.e. /?z, rather than the compressive strength,
fg. Hence Mattock and Gaafar proposed that the bearing strength
under the embedded section be calculated as:

£, = 54 /L (b,/)0-66 (2.5)

Based on this relationship for f, and keeping c¢/l, = 0.666 and B4
= 0.80, Mattock and Gaafar proposed the following formula for the
design of the embedded bracket:

21 b1, /b./b /£
V. & emeeemtalCoolllC (2.6)
(0.88 + a/1,)
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Hawkins and Roeder [19] investigated the connections of
steel beams to concrete columns through an embedded steel plate
with headed shear studs. A total of 22 tests were conducted.
These tests represent connections in which only a small moment is
transferred and the shear transfer dominates. A typical test
specimen is shown in Fig. 2.4. Shear spans, e, of only 3 in. to
12 in. were investigated. The loading simulated balanced gravity
load moments i.e. the columns as well as joint panel were
subjected to no shear or moment. The failure was due to yielding

of the studs or pull-out from the concrete.

2.2 Research in Japan

A structural system consisting of structural steel members
encased in reinforced concrete has been widely used in Japan
since 1920 for the construction of medium to high-rise buildings.
This structural system called, the Steel Reinforced Concrete
(SRC) structural system, has gained popularity after buildings
with this system performed better in the 1923 Kantc Earthquake.
A typical .subassemblage of this system is shown in Fig. 2.5. The
structural steel and reinforced concrete elements are typically
proportioned so that there is a minimum stress transfer from one
material to the other. The strength of the members, as well as
the connections, are estimated using the method of superposition.
In accordance with this philosophy, the Architectural Institute
of Japan (AIJ), which is the specification writing body in Japan
for steel, concrete, and composite structures, has required since
1958 that the ratio of the capacities of the structural steel
elements in columns and beams should be between 0.5 and 2.0.
That is:

u u
0.5 < MI /MY < 2.0 (2.7)
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where MY, and M3, denote the flexural capacities of the steel
part of columns and beams, respectively.

In the last decade or so thare has been a natural shift
towards using steel beams with SRC columns. This is generally ’
termed a "Steel-SRC Mixed Structural System" or "Mixed System"
and is especially popular for the prefabricated construction eof
buildings.

A large amount of research has been carried out in Japan
to study beam-column joints for both SRC structures and Steel-SRC
mixed structures. Unfortunately most of this data is not widely
known because it has not been translated into English. Also,
much of this research has been carried out by private
construction companies and is not reported in the technical
literature. A brief review of the available research is
presented in the following.

In the period of 1950 to 1960, a number of research
programs were carried out to study the behavior of SRC members
and connections under various loadings. The findings of a few of
these research programs are summarized by Wakabayashi in Ref.
[(511]. These studies were mainly conducted on composite
structures consisting of fabricated open~web steel sections,
connected with rivets and gusset plates and encased in a
monolithically cast reinforced concrete structgre. Shear failure
of the connection panel was not recognized. Emphasis was placed
on the gusset plate and other steel connection details. These
research programs concluded that the strength of such connections
can be estimated as the summation of the individual strength of
the steel section and that of the ordinary reinforced concrete
section.

In the period of 1960 to 1970 after rolling of wide-flange

sections started in Japan, research on SRC members of full-web
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type started. These research programs also concluded that the
shear strength of the SRC connection panel can be estimated by
summing up the strengths of steel and concrete panels within the
depths of the steel beam and column. Wakabayashi, et al [62]
proposed the following semi~empirical formula for the shear

strength of connection panels such as shown in Fig. 2.6.
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Fig. 2.6 SRC beam-to-column connection.
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2M F

u yp ' '
-—= - Vu = -== tsp dc + \)f‘c be dc (2.8)
dp ‘/3

where tsp = web thickness of steel connection panel,

F = yield stress of the web,
yp by, * b,
be = effective width of concrete panel = =—====-
2
dé = ¢/c¢ distance of flanges of beam,
dé = c¢/c distance of flanges of column
v = pratio of shear strength of concrete to fc,
empirically given by
v = 1.08 - 0.0024 £, (kg/cm?) (2.9)
or may be safely assumed as
v = 0.56 for £, < 300 kg/cn® (2.10)

Most tests until 1970 were carried under monotonic loads
or under a small number of cyclic loads. In the years after 1970
research interest was focused on hysteretic response of
connections. Tests were also reported on Steel-SRC mixed
connections. These tests were not conducted just to establish
design standards for Steel-SRC mixed construction, but more
importantly, to understand the stress transfer mechanism from
steel to concrete, both in SRC construction and mixed
construction. Aoyama et al. [10] carried out tests on two full
size SRC connections. The structural steel portion of the
members was substantial and was nearly identical for the beams
and columns. They found that the joint shear is resisted not
only by the concrete within the depth of the steel beam and
column but by the entire concrete panel. They proposed the
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following equation to estimate the joint shezar strength:

(Fyp/V3)Vgp (Vo * oy Vep
2 = mmemm——ee- b mmmemmmnmeeem——oe 2.11

Mpo e P (2.11)

(1- == = ==) (1- =8 - =2

L H

where Mbo = beam moment at column center line.

dé, dg = distance between flanges of column and beam,
respectively.

Jerdp = distance between centroids of tension
reinforcement and compression stress block of

column and beam, respectively.

L, H = beam span and floor height

Pu = web reinforcement ratio in the panel zone

Gsp = volume of stee; panel = tsp . dé . dg

Qcp = effective volume of concrete panel = by, * Jjp * Je
be = average width of column and beam.

Ve = ultimate shear stress of concrete as in Eq. 2.12.
v, = (0.65 - 0.0014 £)f, for £ < 232 kg/om?]

] (2.12)

= T75.4 kg/cm2 for £, > 232 kg/cm ]

Wakabayashi et al. [59] tested five 1/2 scale, cruciform

shape specimens of steel beams and SRC columns to determine the

shear strength of the connection.

The size and strength of the

steel part of the column was varied. The ratio of the flexural
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strengths of steel column to RC column were 0.8, 0.4 and 0. They
concluded that the shear in the connection is resisted by the
steel panel and the concrete within the depth of the steel beam
and column, and can be estimated by Eq. 2.8. However, they found
¢ = 300-350
kg/cmz). For specimens with no steel column, the shear strength

the value of v to be 0.645 (concrete strength, f

of the connection panel was found to be much lower ‘t authors
attributed this reduction in strength to bond fai. nain
column reinforcing bars passing through the connection par

Naka et al. [36] also conducted tests on four, 1/ e
Steel-SRC interior joints. Thickness of the steel pane’ ..d the
size of the steel column were varied. The ratio of the flexural
strength of steel column to steel beam was varied from 0.35 and
0.85. They also concluded that the shear stréngth of the

connection panel can be estimated by Eq. 2.8, with b the

)
effective width of concrete panel, equal to bc/2, i.e. hJZf the
column width. They found the shear strength ratio, v, to be more
than 0.30.

Fujimoto et al. [16] investigated the behavior of
connections in Steel-SRC system, with changing ratio of flexural
strength of steel column to the total strength of the SRC column.
They concluded that specimens with a ratio over 50% show good
hysteretic performance.

Minami ([34] and Wakabayashi et al. [58] reported tests on
eight, 1/3 scale Steel-SRC exterior connections. Four specimens
were tested with column axial load and four without axial load.
The ratio of the flexural strength of the steel column to that of
the SRC column varied from O to 1.0. Results showed no
significant effect of axial load. As in Eq. 2.7, a minimum value
of 0.50 was recommended for the ratio of the flexural capacity of
the steel parts of the columns to that of the beams. The authors
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presented a stress transfer mechanism called the "Lever
Mechanism", shown in Fig. 2.7. Based on this mechanism and using
a value of 2fc for the stress in concrete bearing against a steel
beam flange, the authors derived complicated formulae for
predicting the ultimate strength of the assembly. These formulae
need to be verified by more tests since most of the tests failed

by flexural yielding of the beams.

~~
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it / \_Lever r - ‘
I II Mechanism { }
I I I
| it lL Ut
LI —
A A
a) Steel Beom to RC Column b. Steel Beom to
(Lever mechonism) Steel Column ¢. Steel Beam to plain concrete

panel outside the beam

Fig. 2.7 Stress transferring mechanism in exterior joint (Ref. 34).

Kato et al [25] investigated the strength of Steel-SRC
joints in which the steel beam flanges were connected to steel
columns by high strength bolts using T-stubs. A total of six
specimens were tested with the depth of concrete cover and the
diameter of ties as variables. The effect of tie diameter was

found to be insignificant. Maximum strength of the connections
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was controlled by fracture of high strength bolts in tension.
When the strong axis of the steel column was oriented in the
plane of the joint, the depth of concrete cover had no influence
on the maximum strength. On the contrary, the depth of cover had
considerable influence when the cclumn was oriented with its weak
axis in the plane of the specimen. The authors derived formulas
for estimating the strength of such connections which were based
on yield line mechanisms for the fianges and web of the column
near the bolted connections.

Tanaka et al. [50] studied the Steel-SRC connections with
face bearing plates welded to the steel beams. Six, 1/2-scale,
cruciform shape specimens with the weak axis of steel column in
the bending plane, were tested under cyclic loads. Axial load
was applied to three specimens. The ratio of the strength of
steel column to that of SRC column was varied from 0.1 to 0.50.
The authors found that only the concrete confined by the steel
flanges and the steel face bearing plates is effective in
resisting joint shear. Axial load had no significant effect.
The size of the steel column had a considerable effect on the
behavior and the authors recommended that the steel column
develop at least 50% of the total SRC column strength.

Shimizu et al. [49] tested eight 1/2 scale specimens of
steel beam-reinforced concrete column connections. All specimens
had steel face bearing plates welded to the beams. In additionm,
the beams had reinforcing bars welded to the flanges to create a
rough flange surface. Unfortunately the columns failed before
the joint panels could reach capacity. Hence no conclusions
could be drawn about the face bearing plates as well as the
deformed flange surface of the beams.

Building structures in Japan are designed in accordance

with standards bublished by Architectural Institute of Japan
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(AIJ). These standards for SRC connections have been regularly
revised. Wakabayashi has discussed the design formulas [52, 53;
54, 55, 56, 57]. The 1958 edition of AIJ standard gave no
recommendations for the shear design of SRC connections. 1In the
commentary of the 1963 edition, a design formula for the shear
panel was presented which neglected the concrete panel. The
commentary of the 1975 AIJ standard contained a method with
formulas for design of' the connection panel, which were based on
the allowable stress design method. The 1985 edition centained
additional formula for the ultimate shear strength of the
connsction panel. These formulae are discussed in Ref. 57.

It is apparent from the review of the Japanese research
that the ultimate strength of the SRC connections, proportioned
using Eq. 2.7, can be estimated conservatively. However, ths
behavior of steel~SRC mixed connections, especially with small
steel column sections, is still not understcod. As stated by Lu
{29] and Wakabayashi [55], intensive research is urgently needed
on (a) the mechanism of stress transfer from steel secticn to
concrete at beam-to-column connections, and (b) methods for

improving the anchorage capacity of the connecting elements.

2.3 Research in Australia

There has been some research in Australia for connections
of wide flange structural steel beams (composite with slab) and
wide flange structural steel columns encased in plain concrete.

Ansourian [8, 9] tested subassemblages of both exterior
and interior connections. Fourteen structural subunits were
tested to investigate connection shear. Comparison of the
composite structure with bare steel joints showed the connection
shear force for initial yielding almost doubled and the post-
yielding stiffness was raised by a factor of six. Collapse of




34

most of the specimens occurred by plastic buckling of the beam
and so the true ultimate strength in shear was not determined.
Analysis of the test results revealed three apparent
regimes of connection zone behavior. 1In the first regime the
column was uncracked and both steel and concrete were elastic.
Thz entire column section was effective in resisting shear. The
author commented that if the column and beam widths differ
significantly, the average of the two widths perhaps should be
considered for the concrete resisting shear. In the second
regime the concrete in the column was cracked and only the steel
web resisted joint shear. Yielding of the web marked the end of
the second regime. A third regime existed in which the stiffness
was provided only by strain hardening of the web and the elastic
column flanges stiffened by the concrete cover over these

flanges.




CHAPTER 3
EXPERIMENTAL PROGRAM

In the experimental study interior connections in plane
frames were subjected to monotonic lateral loads. No axizl load
was imposed on columns. The prime variables were the thickness,
width and configuration of face bearing plate and the thickness

of steel panel.

3.1 Test Series Description

The test series consisted of a total of nine (9) tests
(summarized in Table 3.1) in two groups. The first group
included specimens 1 and 2, which were designed as pilot tests to
establish the potential of the face bearing plates (FBP). The
results of the pilot tests were used to design the remaining
tests.

In a typical framed tube design, the depth of the
prototype concrete columns, D, varies from 33 to U5 in. The
beam depth, Dy, varies from 30 to 42 in. In ordinary frames, the
column depth is anywhere from 24 to 36 in., and the beam depth 21
to 33 in. The aspect ratio of the connections, i.e. the ratio of
column depth, Dc, to the beam depth, Db’ vary from 0.8 to 1.30.
A ratio around 1.0 or slightly larger, is more likely for the
framed tube and frames consisting of concrete columns and steel
beams.

Pilot tests were intended to represent the prototype
framed tube connections at 1/3 to 1/2 scale. A 15-in. square
section for the column and a 12-in. deep W12x22 rolled steel
section for the beams were used in specimens 1 and 2. The aspect

ratio was 1.25. Tests 1 and 2 model an ordinary frame at 1/2 to

35




Table 3.1 Summary of Test Series

36

Seecimen Now Symbol Calumn Beam Panel Face Bearing Rrpse
Depth Depth Thickness Plate
. D, (in.) Dy, (in.) Eqp (In.)  tpxw,xd,
1 15 12 1”4 Plain be.
o 5
15 12 ] TN 6xlix11-172 FBP
¢ S TI T4 (@ 50
3 20 17=1/2 14 Plain beam
I T e v e R S w2 A 3xExt6 | Tdn P
4 2 7-172 3 n FBP
o -5 -------- 20 17-12 1/4 7/8x%8x16 Thick FBP
Gr. 50)
6 " 20 17-172 1=-1/4 3/8x8x16 Thick panel
(Gr. 50)  w/styrofoam
o -7- T 20 17-1/2 174 7/8x12¢16 Wide FBP
] J @ 50
fri e T m g lme e mccmesecemseeumcesacENeam ... —————————
8 18 20 17-172 174 7&&5“ /12 BExtended
‘F ¥ Gr. 50) FBP
9 mm n 20 17=1/2 — 7/8x8x16 No penel
NOTE: ALl material A~36 U.N.O.
MEMBER SIZES
COLUMN
Stze f, Relnfarcement
Specimen No. (in. x in.) 8L Vert Tes Beam Stze
1 -2 1515 3500 8-® 438”' Wi2x 2
(Gr. )
3 -9 20x20 33(5)% 12-#0 K e gn Buflt-up
':] € gn 3/4x8" fg.,
3 Pt
1/Lx16" WEB, A-36
NOTE: Fa Joint reinfarcement see Figs. 3.8 and 3.9
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2/3 scale. In specimen 1, a plain beam was embedded in the
concrete column. No means were provided for the transfer of
flange forcesi to the concrete panel. For specimen 2, Grade 50

face bearing plates of thickness, t, = 7/16—ing were welded te

p
the beam in order to mobilize the concrete in the panel for
improved joint shear resistancz. The total width of the face

bearing plates, w,, was U4 in., i.e. equal to the flange width of

the beam. The maii features of specimens 1 and 2 are summarized
in Table 3.1. In order to compare directly the results of the
two specimens the geometry and reinforcement were identical
except for the FBP.

Additional seven (7) tests were planned to evaluate the
main parameters of the study. The member sizes were 1/2 to 2/3
scale for framed tube and 2/3 to full scale for ordinary frames.
A 20-in. square section for columns and a 17-1/2-in. deep built-
up section for beams were used, producing an aspect ratio of
1.14, These seven tests are listed as specimens 3 through 9 in
Table 3.1. The hybrid beam section was proportioned with a weak
web and relatively strong flanges. The web, made from A36 steel,
was needed to furnish a greater difference in shear resistance
between the steel and concrete panels. Grade 50 flanges were
proportioned so that they were not excessively thick while at the
same time providing adequate moment capacity to ensure connection
failure.

Specimen 3 was similar to specimen 1, that is, a plain
beam embedded in the column. It served as a reference sbecimen
for specimens 4, 5 and 6. Specimens 4 and 5 were designed to
study the effect of a face bearing plate and its thickness. 4
thin FBP (tp = 3/8-in.) was used in specimen 4 and a thick one
(tp
the flange width. All the other details were kept identical to

= T7/8-in.) in specimen 5. The width, Wy Was 8 in., equal to
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specimen 3 for better comparison. Test specimen 5 was a
reference test for specimens 4, 7, 8 and 9.

A connection with a beam embedded in the concrete column
resists the joint forces by a lever arm mechanism, as described
in Chapter 1. The failure of such connections is controlled by
either the shear capacity of the steel panel or concrete crushing
against the compression flanges near the column faces. Specimen
6 was provided with a strong steel panel to find an upper bound
on the lever arm mechanism. For this purpose a 1/2-in. thick
doubler plate was welded on each side of the web in the joint
zone. Face bearing plates, 3/8-in. thick, were alsc used to
simulate the most realistic condition regarding the flange
stiffness under concrete bearing. However, to isolate any
transfer of flange forces through the FBPs to the concrete panel,
a 3/8-in. thick styrofoam layer was placed on the inside of the
FBPs before casting the specimens. The remaining details for
specimen 6 were similar to those for specimen 3.

To study the effect of the width of the face bearing
plates, specimen 7 was provided with 12-in. wide plates.
Specimen 8 was designed to study the influence of the
configuration of face bearing plates. The plates were extended 4
in. beyond the flanges, thereby giving a total depth of 25-1/2
in. for these FBPs. Support plates, 7/8-in. thick, were used on
these plate extensions so that the extension had about the same
stiffness as the plates between the flanges. The support plates
were placed outside the columrn in order to have the same steel
panel as the other tests. The remaining details for both
specimens 7 and 8 were identical to specimen 5.

In order to clarify the influence of the steel panel on
the extent to which the concrete panel can be mobilized for joint

shear resistance, a 11=-1/2 x 13 in. hole was cut into the steel
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panel in specimen 9. The remaining details for this specimen

were identical to specimen 5.

3.2 Specimen Design and Details

A beam-column assembly between the points of inflection
of a frame subjected to lateral loads can be ideaiized as shown
in Fig. 3.1(a). The displacement at the column top due to the
lateral load, is equal to the inter-story displacement, ID. The
same member and joint deformations can be achieved by modeling
the beam-column assemblage as shown in Fig. 3.1(b) and loading
the beam ends. The displacement at the. beam ends, A/2, is
related to the interstory drift as follows:

A = ID x L/H (3.1)

The test specimens were loaded as shown in Fig. 3.1(b) for
convenience. No axial load was placed on the columns.

Dimensions of the specimen used in the pilot tests is
shown in Fig. 3.2. The 15-in. square concrete column was 8 ft-
10 in. high between reaction points. The W12 structural steel
beam was 8 ft. between the load points. The dimensions of
specimens 3 through 9 are shown in Fig. 3.3. The height of the
20-in. square concrete column was 12 ft-2 in. between the
reaction points. The total beam length between the loading
points was 16 ft. Ip order to reduce material costs, only a 6 ft-
6 in. length of thev17-1/2 in. deep built-up steel beam was cast
with the concrete column. Extension beams were spliced to each
end of the built-up beam for loading purposes.

The specimens were designed to fail in the connection.
Both columns and beams were adequately proportioned and

reinforced to preclude any immature shear or flexural failure.




a) Idealized frame behavior.

b) Modelling for test specimen.

Fig. 3.1 Modelling of beam-column subassemblage.

4o
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The results of the research conducted by Mattock and Gaafar £31]
on embedded brackets and by Wakabayashi et. al. [58, 591 and
Naka et. al. [36] on SRC connections, as well as the pilot tests,
were used to estimate the connection failure loads.

3.2.1 Beam Details. A W12x22, Grade 50 beam was used

for specimens 1 and 2. The beam had a bf/th ratio of 4.7 which
is an average value for most rolled sections. The details in the
joint area are shown in Fig. 3.4, Four 7/8-in. diameter holes
were drilled in both specimens to accommodate U-shaped stirrups
that formed perimeter hoops in joint area. For specimen 2, two
pairs of 7/16 x 2 x 11-in., Grade 50 FBPs, fitting between the
flanges at each side of the web, were welded flush with the faces
of the concrete column. The width-to-thickness ratio, wp/2tp for
these plates was 4.7. A 1/4-in. fillet weld was used to develop
the full capacity of the plates.

A 17-1/2-in. deep built-up hybrid section was used for
specimens 3 through 9. This section had low panel shear capacity
and high flexural capacity. The ratic bf/th for the flanges was
5.33 which is an averag: value for most rolled steel sections.
The beam details in the joint area for these specimens are shown
in Figs. 3.5 through 3.7. Eight 15/16-in. diameter holes were
drilled in each specimen to accommodate four pairs of U-shaped
stirrups In the joint area.

Specimen 3 contained a bare beam. Specimen 4 was
designed with a thin face bearing plate. A pair of 3/8 x 4 x 16
in., A-36 plates were welded all around with a 1/4~-in, fillet
weld. The plates had a ratio, wp/2tp, of 10.67. A thick face
bearing plate, as shown in Fig. 3.5(c) was studied in specimen 5
and it served as reference test for most tests. Four 7/8 x 4 x
16 in. , Grade 50 plates were used, giving a wp/21;p ratio of
4,57. These plates were welded to flanges using a 1/2-in. fillet
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weld. For the connection to the beam web, a partial penetration
weld was used at the inside face of these plates, due to their
proximity to the holes. At the outside face, however, a 1/2-in.
fillet weld was used.

Details for specimen 6 with a thick steel panel are
shown in Fig. 3.6(a). Four 3/8 x 4 x 16-in. A36 face bearing
plates were welded first. Two 1/2 x 15-1/4 x 18-1/2 in. Grade 50
doubler plates were then fitted between the flanges and face
bearing plates. A plug weld was used all around these plates to
connect them to the web. In order to minimize the transfer of
any flange forces to the concrete panel, a piece of 3/8 x 3-1/2 x
16=-in. styrofoam was plaéed inside each FBP and a thin layer of
grease was applied on each side of the steel panel, as well as
inside faces of the flanges.

A wider face bearing plate was used in specimen 7. The
beam details in the joint area are shown in Fig. 3.6(b). The 7/8
X 6 x 16 in. Grade 50 FBPs extended two inches beyond the flanges
and the extension was 2.29 times the plate thickness. Welding
details were identical to specimen 5.

The face bearing plates extended over a depth of 25-1/2
in. in specimen 8 as shown in Fig. 3.7(a). All the plate pieces
used were of Grade 50 material. Four 7/8 x 4 x 16-in. FBPs
were fitted between the flanges. Welding details for these plates
were the same as those for specimen 5. Additional 7/8 x 4 x 8-
in. plates were welded to the beam flanges to extend the FBP 4
in. beyond each beam flange. In order to function properly these
additional face bearing plates required support plates which
normally would be provided inside the joint, thus giving a clean
external appearance. However, for better comparison with the
other test results, the 7/8 x 4 x 8 in. support plates were

welded outside the joint.
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The details for specimen 9 with a weak steel panel are
shown in Fig. 3.7(b). A 11-1/2 x 13-in. hole was cut out of the
stesl panel. The size of the face bearing plates and the welding
details were exactly like those for specimen 5.

3.2.2 Column Details. Columns were sufficiently

reinforced to prevent any shear or flexural failure outside the
joint. Low concrete strength was chosen to increase the
likelihood of failure in the connection. The column details as
well as the concrete strength were kept as uniform as possible,
within each group.

For specimens 1 and 2, eight #9 bars were used for
vertical reinforcement. The shear reinforcement for the column
consisted of #3 closed ties provided at 4~in. spacing. The
transverse reinforcement in the joint area is shown in Fig.
3.8(a), and was provided in accordance with the ACI-ASCE
Committee 352 recommendations for monolithic reinforced concrete
beam-column joints [2]. Provisions for Type 1 joints, i.e. for
non-seismic loads, were followed. The reinforcement provided is
about 2/3 of the reinforcement required in Type 2 joints for
seismic zones using Egs. A.3 and A.4. Within the depth of the
beam two pairs of U-shape ties were provided at 5-in. spacing.
The first two ties below the beam soffit and above the top of the
beam were spaced at 2-in. and then at 4-in. spacings. Concrete
cover on the ties and aggregate size were scaled down as were all
dimensions in the tests. Clear concrete cover on the outside of
the ties was 3/4-in. and maximum 3/8-in. river gravel was used as
coarse aggregate.

For specimens 3 through 9, twelve #10 rebars were used
as vertical reinforcement. The shear reinforcement outside the
joint area was comprised of sets of #4 and #3 ties placed at 8-

in. spacings. The transverse reinforcement in and around the
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joint is shown in Figs. 3.8(b) and 3.9. The reinforcement
details were identical for all specimens, except for test 8, in
which a few extra ties were provided near the extended face
bearing plates. The amount of transverse joint reinforcement in
the direction of shear in this group of tests was equal to the
value recommended for seismic loads (Type 2 joints, Eq. A.3 and
A.4) and was higher than that for specimens 1 and 2. The provided
amount of transverse reinforcement in the direction normal to the
beam axis was half the amount in the direction of shear. Sets of
two U-shaped and two hairpin shape #3 ties were provided at 4-in.
spacing within the depth of the beam. Extra #3 closed ties were
placed above and below the beam as shown in Figs. 3.8(b) and 3.9.
A clear concrete cover df 1 in. was maintained. Crushed stone of
maximum 3/4-in. size was used as coarse aggregate for the
concrete. '

Details of the joint area of specimens 1, 5 and 8, are
pictured in Figs. 3.10 through 3.12.

3.2,3 Specimen Fabrication. Column reinforcement cages

were fabricated except for the ties in the joint area. The cages
were erected and the beams positioned. The reinforcement in the
joint area was then placed. A typical specimen is pictured in
Fig. 3.13. For casting the specimens, wooden formwork with 3/4-
in. thick plywood sheathing was used. Typically two specimens
were cast from the same concrete batch. As pictured in Fig.
3.14, two windows were provided in the formwork to place the
concrete in approximately 4-ft. lifts. A view of the concreting
operation is pictured in Fig. 3.15. Two 2-in., diameter, needle
type immersion vibrators were used for consolidating the
concrete. A set of fifteen standard 6x12 cylinders were cast
with the specimens. Two days after casting, the formwork was

stripped and the specimens were left in exposed laboratory
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environment for curing. The cylinders were cured in the same

manner.

3.3 Material Properties

As described in Sec. 3.1, the test series was planned such
that only one parameter was varied in each test, so a clear
evaluation of each parémeter could be made. Structural steel
beams for all specimens within a series were cut from one single
length of beam. All column reinforcing bars of the same size for
specimens within a series came from the same heat, except for
specimens 8 and 9 which were from a different lot than those for
specimens 3 through 7. Although an effort was made to keep the
concrete strength uniform for the specimens within each series,
it varied from 3550 to 4000 psi.

Tension coupons were tested to determine structural
steel properties. These coupons were cut from the web and
flanges of beams and face bearing plates. For the beam web,
coupons were taken both in the longitudinal and the transverse
direction, i.e. along the axis of the beam and perpendicular to
it. Two coupons were tested for the material property desired at
each location or direction. For better sampling, each of the two
coupons were taken from a different specimen within the group and
the results were averaged. The plate coupons were machined to
the ASTM A370-77 specifications [7]. A 2-in. gauge length was
used for all the coupons, except those for flanges of the beams
in specimens 3 through 9, where an 8-in length was used. For the
column reinforcing bars 36-in. long pieces were tested in tension
with an 8-in. gauge length. These pieces were ordered with each
lot of rebars and were from the same heat material.

A typical load-strain plot for a tension coupon is shown
in Fig. 3.16. The static yield plateau was usually flat and was
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Fig. 3.16 Typical load vs strain plot for tension coupons.

determined by taking three static load points, A, on the yield
plateau, at selected strain intervals. At each of these points
the machine was stopped, thereby holding the deformation constant
for five minutes before taking the load reading. The same
procedure was used during the connection tests when a specimen
began to lose its stiffness. The static yield load of the
tension coupon was defined as the average of these readings. For
the tension coupons from the beam webs, the strain hardening
modulus, Esh’ as well as the str'aiAn at the onset of strain
hardening, Egp Were also noted. Procedures outlined by Adams
[32] were followed. A set of three readings were recorded at two
points, B, at .005 to .010 strain apart. Again, the deformation
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was held constant and the load was recorded each at time
intervals of 2-1/2, 5 and 7-1/2 min. after stopping the machine.
Thus, three values of modulus were calculated based on the two
points B at 2-1/2, 5 and 7-1/2 min. The modulus of strain
hardening, Esh’ was defined as the average of these three values.
The strain at the onset of strain hardening, eg,, was estimated
to be at point, C, obtained by intersecting the line joining the
two B points at 5 min. with the static yield plateau. Strain was
measured using a 2-in. or 8-in. extensometer capable of measuring
strains with .0001 in./in. accuracy. The extensometer was
removed after the readings at point B were recorded, and the
specimen was loaded to ultimate. Percent elongation was then
determined from the failed specimens using the pre-marked gauge
length. A summary of the material properties both for structural
steel and reinforcing bars are listed in Table 3.2.

The target concrete strength was 3500 psi for specimens
1 and 2 and 4000 psi for 3 through 9. The concrete strengths at
28 days after casting and on the day of testing, are listed in
Table 3.3.

3.4 Test Set-Up

Simulated lateral loads were applied by loading the
opposite beam ends upward and downward while permitting no
displacement at the top and bottom of the column. The test set-
up used for specimens 3 through 9 is pictured in Figs. 3.17 and
3.18. The set-up for specirens 1 and 2 was similar.

The test set-up prevented displacement in any direction at
the column ends but permitted in-plane rotation at the column
ends. A piece of 1-1/4~in., nominal diameter pipe was embedded in
the concrete columns at 6-in. from the ends. A 1-1/4-in.
diameter, A35Y4 Grade BD stud was greased and placed through the
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Table 3.2 Material Properties - Steel Coupons and Reinforcing

Bars

Specimens Description Static uit. Gauge % Elong. Strain
Yield Stress Length Hardening
Stress Esn €sh

(ksi) (kst) (in.) (ksi) (in/in)

1-2 Long. Web 55.6 71.5 2 34.0 290 024

1-2 Tranv. Web %6.3 n.7 2 28.2 2u5 .020

1-2 Flange & FBP u.s 66.3 2 37.7 — —

3-9 Long. Web $.5 56,5 2 40,5 335 .022

3-9 Tranv. Web 35.9 56.1 2 33.1 27.0 .020

3-9 Flange %0.6 76.3 8 5.1

3%6 3/8-in. FBP 43.4 68.5 2 38.0

4, 5, 79 7/8~in. FBP 58.9 81.3 2 3.3

1=-2 #3 bars 62.1 92.1 8 17.0

1-2 9 bars 6.2 9.1 8 18.6

3-7 #3 bars 65.0 101.8 8 15.3

3-7 #4 bars 61.6 90,2 8 18.3

3-7 #10 bars 65.7 104.2 8 16.1

8-9 3 bars T7.0 112.4 8 11.0

8-9 #4 bars 60.0 101.8 8 11.6

8-9 #0 bars 6.3 104.5 8 15.8

Table 3.3 Concrete Cylinder Strength

Day of Testing

s;aecimen 28~day Strength Age Strength
. (psi) (days) (psi)
1 3300 93 3550
2 3300 106 3550
3 400 42 4500
] 4100 - 48 4300
5 4100 56 4300
6 3900 T4 4000
7 3900 81 4000
8 3600 28 3600
9 3600 39 3700
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Fig. 3.17 Test set-up for specimens 3 thru 9.
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Fig. 3.19 Detail at the column base.
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embedded pipes, and fastened to the base fixture at the bottom
and to a channel strut at the top. The base fixture, shown in
Fig. 3.19, was made with two 22~in. channels attached to a 1-1/4-
in. thick plate which was tied to the floor slab. At the column
top two 12-in. channels were used as a strut, tied to the
reaction wall, as shown in Fig. 3.20. To prevent any lateral
movement, an angle brace was used diagonally from the column top
to the reaction wall, as shown in Fig. 3.17.

The specimens were loaded at the beam ends using two 50~
ton, hydraulic rams as pictured in Fig. 3.21. The rams were tied
to the floor through a pedestal and an eye bracket. The rod end
of the hydraulic ram was connected to the beam at its centerline
using a female rod clevis and a 2-1/2~in. diameter pivot pin.
The beam web was reinforced by plates at the pivot pin to reduce
the bearing pressure and to reduce the clearance between the web

and the female clevis.

3.5 Load System

The lateral load on the beam-column assemblage was
simulated by applying equal and opposite loads at the beam ends,
i.e., an upward load at one end and a downward load of equal
magnitude at the other end. Since the ram area in tension was
less than that in compression, by the area of the piston rod, the
tension ram required more hydraulic pressure than the compression
ram for the same magnitude of load. The desired ratio of
pressure in the two rams was controlled by using a multipressure
load maintainer.

A schematic diagram of the loading system used is shown in
Fig. 3.22. Hydraulic pressure was provided by a single electric
pump, and a multipressure load maintainer was used to control the

load applied by the hydraulic rams. The pump, load maintainer




64




N = vALVE
v
LIS GAGE
BRES
PIN
100 kip 100 xip
8
7
]
vy
MULTIPRESSURE
L ——IR—{ PuMP
MAINTAINER

Fig. 3.22 Schematic of load system.
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and rams were all connected using flexible pressure hoses. 0il
shut off valves and dial gage pressure indicators, as shown in
Fig. 3.22, were provided. In addjtion, two pressure transducers
were installed in the pressure lines to electronically monitor
the ioads.

The multipressure load maintainer enabled the operator to
manually control the rate of pressure increase, to maingain a
fixed pressure, and to shut off the flow of o0il into a ram. It
also allowed the operator to increase the pressure to the two
rams at a proportionate rate while maintaining the constant
pressure ratio. It should be pointed out thit this load system
as well as the test set-up i3 in static equilibrium even when the

magnitude of load in the two rams is not the same.

3.6 Instrumentation and Data Acquisition

To collect information regarding distortion in the joint
area, to understand the stress transfer from the members to the
connection panel, and to study the resistance mechanism of the
panel, the following instrumentation was used.

3.6.1 Joint Distortion, Drift and Load Measurements. In

order to understand the stiffness deterioration of the
connection, the three main components c¢f interstory drift are
identified as shown in Fig. 3.23. The first component is the
elastic flexural deformation of the beam and column which can be
estimated if the members are assumed to deform elastically. The
second component is the panel separation which is the rigid body
rotation of the steel beam with respect to the concrete column.
The third component is the shear distortion of the connection
panel or Joint.

To measure the total drift of the beam=~column

subassemblage, linear voltage displacement transducers (LVDT) -
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Fig. 3.23 Components of beam deflection.
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also termed as potentiometers - were used; as shown in Fig. 3.24.
All the poi‘.entiometers had 2 in. stroke, except for
potentiometers 1 and 2 which had a 6-in. stroke. Potentiometers
3 and 4 were necessary for specimens 3 éhr'ough 9, to account for
any slip in the beam splices. Potentiometers 5 and 6 were used

in specimens 3 througzh 9 to monitor the panel separation.

Jom 1
F o fagi 1! P
\ Y
LVDT TYP.

WEST] | 27 L 2T l EAST)

‘ [ '_é"
6 FOR ADDL. LVOT'S

IN THE JOINT AREA
SEE Fig. 3.25

Z{P 12 NOTE: LVDT'S 3 THRU 6 WERE
_i' | NOT USED FOR SPCMN'S

1 AND 2.

Fig. 3.24 Location of LVDTs - looking north.

It was anticipated that the shear distortion of the
concrete panel, especially near the outside face, might not be
equal in magnitude to that of the steel panel. This difference
in the shear distortions of the steel and concrete panels, plus
the panel separation, would almost be equal to the relative beam

ineclination (near the column) relative to the column centerline.
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The relative beam ineclination (RBI) was measured as shown in Fig.
3.25. A frame made with small angle sections was mounted on the
beam 2-in. away from the column face; on each side of the joint.
Four pointed screws were used to position .the frame at the
discrete location. Two potentiometers with 2-in. stroke were
extended from each of these frames to measure the change in the
distance to the column centerline. A view of this frame is
pictured in Fig. 3.26.

A small electronic digital inclinometer, as shown in Fig.
3.27, was used to record absolute rotation at a few points.
These readings were taken at the beam web and concrete faces near
the joint. The locations are shown in Fig. 3.28.

The loads applied to the beam ends were monitored by
measuring the hydraulic pressure of the loading rams. Dial gage
pressure indicators as well as electronic pressure transducers
were used.

3.6.2 Strain Measurements. The specimens were

instrumented with strain gages at various locations in the
connection. Two types of strain gages were used. Foil gages
with 1/4-in. gauge length, in single, cross and rosette patterns,
were used to monitor stresses in the structural steel and
reinforcing bars. Resin impregnated, polyester mold, single
gages with a 2-1/2-in. gauge length, were embedded in the
concrete to monitor dié\gonal strut action of the concrete panel.
The total number of strain gages varied from 30 in some specimens
to 40 in others.

Typical locations for strain gages on column ties and
vertical bars in the joint area are shown in Fig. 3.29 for
specimens 1 and 2, and in Fig. 3.30 for specimens 3 through 9.
Not all the gages shown in Fig. 3.30 were used in every specimen.

For example, the six gages shown for vertical bars were mounted
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Fig. 3.25 LVDTs for joint distortion.

Fig. 3.26 Steel frame to measure joint distortion.
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only for specimens 3 through 5 and 8. Concrete strain gages were
embedded in a few specimens. Typical locations are shown in Fig.
3.30. Concrete gages at locations C1, C2, U1, and U2 were used
in specimens 5 and 9. One concrete gage at location C2 was
embedded in specimens 6 and 8. Concrete gages at all five
locations were used for specimen 7.

Single and cross strain gages were mounted on the steel
beam in the joint area to monitor both transverse and
longitudinal stresses in flanges and face bearing plates.
Rosette gages were place on the web to measure shearing stresses.
A few gages were installed on the beam flange away from the joint.
to check the load apﬁlied by the hydraulic rams. Typical
locations of these strain gages is shown in Fig. 3.31 for
specimens 1 and 2, and in Fig. 3.32 for specimens 3 through 9.

3.6.3 Data Acquisition. The data from the pressure

transducers, LVDT's and strain gages were processed using a data
acquisition system. During the test the deflection at one end of
the beam was continuously plotted against the ram load at that
end using an X-Y plotter.

Prior to testing the specimens, steecl beams were white-
washed. Local yielding could then be visually identified as the
white-wash flaked away from the steel with the brittle mill
scale. Concrete cracks were marked throughout the loading
history. .

3.7 General Tesc Procedure

The same general test procedure was followed for almost
all the test specimens. Before loading a specimen to ultimate
lcad capacity, a low level load cycle, representing an
approximate service load level, was applied in each direction.

This service load level was kept at about half the anticipated
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ultimate load capacity of the specimen. This low level load
cycle was skipped for specimens 5, 7 and 9, in order to retrieve
more information from the embedded concrete gages that would
otherwise have ceased to function due to concrete cracking.

Each specimen was eventually loaded to ultimate capacity
in one direction. Loads were increased in small increments until
the specimen started losing stiffness, at which point the loading
was displacement controlled. Small increments of displacements
were imposed at beam ends. At each of these incremental points,
static loads were recorded in the same manner as described for
the tension coupons. The oil flow from the load maintainer to
the loading rams was shut off at the valve, preventing any
further displacement and allowing the load to drop to its static
value after few minutes. All the data were recorded at each of
the incremental stages. The specimens were unloaded typically
around 3 to 4% drift. The specimens were then loaded to failure

in the other direction.



CHAPTER 4
EXPERIMENTAL RESULTS

The specimens were subjected to simulated lateral loads
in which one end of the beam was loaded upward while the other
downward as shown in Fig. 4.1. A typical loading curve is
schematically shown in Fig. 4,2, For the presentation of the
test results, the first half of the low level cycle, in the
primary direction, is cycle L1. The second half, i.e. in the
reverse direction, is cycle L2. Similarly, the first and second
halves of the ultimate load cycle are Ul and U2, respectively.

During the test, data were collected at several stages.
Each of these stages were identified by consecutive numbers. The
concrete cracks were labelled with the stage numbers so as to
trace their progression.

Under the loads as shown in Fig. 4.1, the beam flanges
and column faces in diagonally opposite quadrants are subjected
to the same kind of stresses, tension or compression. While
describing the joint distress, the specimen orientation as well
as the loading direction is identified by noting the type of

stress in the particular flange or column face.

4,1 General Specimen Behavior

The specimen behavior is described by a plot of load vs.
drift. An average of the loads at the two ends of the beam is
plotted. The two loads were approximately equal until the
specimen started losing stiffness beyond which the ram causing
compression in the top.flange carried more load. The drift of
the specimen is calculated as the ratio of the total relative
vertical displacement between a point on each beam, to the

distance between the two points.
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The critical concrete cracks are identified. These
include diagonal shear cracks on the column sides and various
cracks on the column faces as shown in Fig. 4.3. The following
special cracking patterns are defined. Diagonal shear cracks,
ds, started on the column sides in beam-column joint. Typically
the first crack occurred close to the diagonal connecting corners
of the joint and was followed by cracks parallel to it. As the
load was increased, these cracks turned wpward near the column
compression faces. <Cracks labelled tr radiated from the tension
flanges. Typically first tr cracks originated from the tips of
the tension flanges, followed by cracks initiating from the
tension flange-web junction. Cracks td radiated downward at an
angle, from the tip of the tension flange. As the load was
increased, these cracks occasionally turned into flexural cracks.
Cr cracks radiated from the compression flanges at a steep angle.
First Cr cracks originated at the flange tips and in some cases
were followed by cracks radiating near the compression flange-web
Jjunction.

The load points of importance for each specimen are
listed in Table 4.1. To evaluate the joint rigidity the initial
stiffness of the specimen as related to the joint moment is also
1isted. These values are not a direct measure of absolute joint
stiffness, but they are useful for relative evaluation of
different connection details and are calculated using the
deformation at a load of 15 kips. Detailed description of each
test is presented in the following.

Specimens 1 and 2. Pilot tests 1 and 2 were designed to
investigate the potential vaiue of face bearing plates. Figure
4.4 shows the load vs. drift plot for specimen 1 which had a
plain W12 beam. In cycle L1, no distress was noted until a load
of 11.8 kips was reached and cracks tr developed (Fig. 4.5). On
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Fig. 4.4 Load-drift plot of specimen 1.
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Fig. 4.5 A view of joint 1 after failure.
(Upper left flange in tension in cycles L1 and U1)

unloading there was no residual drift. The specimen was then
loaded in the reverse direction to a load of 11,96k and unloaded.
The behavior was similar to cycle L1, except that there was some
residual drift which was recovered with negligible load
application (Fig. 4.4). The loading curve in cycle U1 followed
eycle L1. First flexural cracks appeared at the tips of the
tension flanges at a load of 14.8k. Rosette strain gages showed
yielding of the steel panel at 16.9 kips and consequently the
specimen lost almost its entire stiffness. At a load of 17.6k, a
few small diagonal shear cracks appeared away from the joint
diagonal on the sides of the concrete column. Signs of concrete
crushing on the compression flanges were noted and cracks Cr

radiated from the tips of these flanges. The specimen carried
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17.8 kips at 2% drift. Prior to reaching the ultimate load, local
yielding of the flanges near the column was noted in the west
beam which carried about 10-23% more load than the east beam.
Also, concrete crushed against both compression flanges and a gap
of about 3/16-in. was noted under (or above) the tension flanges.
At the ultimate load of 18.3 k a drift of 3.3% was reached.
Under loading in the other direction i.e. cycle U2, the specimen
was less stiff. However, the cracking behavior was very similar
to that in Cyele Ul. The specimen carried slightly higher load
in this cycle. The load-drift 'plot shows good energy
dissipation. '

Figure 4.6 shows the load-drift plot for specimen 2 in
which a 7/16-in. FBP was used. In cycle L1, specimen 2 was
slightly stiffer than specimen 1. Two flexural cracks appeared
at this stage; one at the level of the tension flange and the
other a few inches inside the joint (Figs. 4.7 and 4.8). 1In the
other direction, cycle L2 there was almost no residual drift. As
the load was increased in cyecle U1, first diagonal shear cracks
appeared at a load of 13.2k and cracks td initiated at the tips
of the tension flanges. Cracks tr were noted at a load of 20.7K
(Fig. 4.8). Some signs of concrete crushing against the top
compression flange were also observed, followed by cracks Cr
radiating from the tips of the compression flanges. At a load of
26.2k yielding was recorded in the steel panel and a few more Cr
cracks developed near the compression flanges (Fig. 4.8). Near
the ultimate load the beam loaded upward carried about 15% more
load than the other. Concrete above the compression flanges was
crushed and spalled and a 1/4-in. gap was noted under (or above)
the tension flanges. A large permanent drift was observed upon
unloading. The response of the specimen in cyecle U2 was soft at

first but it regained stiffness as the cracks closed. Pinching
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Fig. 4.7 A view of joint 2 after cycle U1.
(Upper left flange in compression)
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Fig. 4.8 A view of joint 2 after failure.
(Top flange in compression in L1 and U1)

of the hysteresis loop can be seen in Fig. 4.5, however, the
specimen still showed good energy dissipation. The specimen
carried slightly lower load in cycl.e U2. Cracking behavior was
pretty similar to that of cycle Ul resulting in a symmetrical
cracking pattern.

Specimen 3. Specimen 3 was the first of the seven tests
in the second group and had a plain steel beam embedded in the
concrete column. The load-drift plot is shown in Fig. 4.9. 1In
cyele L1 no distress was noted and the specimen showed almost no
residual drift upon unloading. Unlike specimen 1, almost no
residual drift was recorded after cycle L2. First flexural
cracks appeared in cycle Ul at a load of 15.1k (Fig. 4.11).
Yielding of the steel panel was recorded and subsequently the
specimen lost substantial stiffness. At a load of 16.6k (.63%
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Fig. 4.9 Load-dritt plot of specimen 3.

Fig. 4.10 A view of joint 3 after failure.
(Top flange in tension in L1 and U1)
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drift), cracks tr originated from the tips of the tension flanges
(Fig. 4.10). Crushing of the concrete against the compression
flanges was noted at a load of 17.4k. A couple of small diagonal
shear cracks (Fig. 4.11), were observed on each column side at a
load of 18.7k. The specimen carried an average load of 18.8k at
2% drift. A few small yield lines near the flange-web junction
outside the joint were noted both in the flanges and the web at a
load of 19.1k (Fig. 4.10). Crushing of the concrete was more
pronounced at this stage and a gap of about 3/16-in. was noted
under (or above) the tension flanges. The specimen exhibited
greater stiffness in the post-yield regime compared to specimen
1. This could be attributed to thicker beam flanges in specimen
3. Near the ultimate load, the beam loaded upward carried about
28% more load than the other beam. Upon unloading, the specimen
showed large residual drift. In cycle U2, a load of 21.0 kips
was reached at 2% drift. Cracking was essentially the same as in
cycle Ul. The load-drift plot indicates large energy dissipation
characteristics.

Specimens & and 5. Specimens 4 and 5 were designed to

study the effect of face bearing plates and their thickness.
Figure U4.12 shows the load vs. drift plot for specimen 4 which
had a thin, 3/8-in. A36 FBP. 1In cycle L1 the specimen was loaded
to 14.5k when first diagonal shear crack appeared on the joint
diagonal (Fig. 4.13). A small tr crack also radiated from the
tension flanges as shown in Fig. 4.15. The initial stiffness of
the specimen was almost the same as that of specimen 3. In cycle
U1, the specimen was less stiff than in cycle L1, Yielding in
the steel panel was recorded at a load of 14.1k. Flexural cracks
near the tension flanges were also noted at this load level. At
a load of 24.3k old tr cracks progressed further and new tr and

td cracks appeared on the column faces (Fig. U4.15). A few ds
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Fig. 4.11 Joint 3 after failure.
(Left beam loaded upward in L1 and U1)
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Fig. 4.12 Load-drift plot of specimen 4.




Fig. 4.13 Joint 4 after cycle U1.
(Upper left flange in compression)

Fi. 4.14 Joint 4 after failure.
(Left beam loaded upward in L.1 and U1)
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Fig. 4.15 Joint 4 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.16 Load-drift plot of specimen 5.
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cracks were also noted on column sides. Concrete crushing
against the compression flanges was noted. The specimen carried
average 32.5 kips at 2% drift. Yielding was noted in the FBP
located in the beam loaded upward which was confined near the
compression flange at the weld toe and is pictured in Fig. W.15.
Upon further loading these FBPs were noticeably bent at the weld
toe. Also, yield lines were noted in the web outside the joint,
for the beam loaded upward only (Fig. 4.15). At a load of 35.3k,
cracks Cr arose from the tips of the compression flanges and
concrete crushing was eminent against these'flanges. At the
ultimate, upward load was about 23% higher than the downward
load. A 5/16-in. gap was noted near (or above) the tension
flanges. In the reverse direction, cycle U2, the stiffness of
the specimen increased as the cracks closed. The specimen
carried 32.5 kips at 2% drift, the same load as in cycle Ul.
The cracking and yield-lines pattern were pretty symmetrical as
pictured in Fig. 4.14,

A thick, 7/8-in. FBP of Grd. 50 material was used in
specimen 5. Figure 4.16 shows the load-~drift plot for this
specimen. The low level load cycle was omitted in this test.
The cracking pattern as well as the general specimen behavior was
very similar to that of specimen 4. However, no yielding or
distress was noted in the FBPs. Diagonal shear cracks and
flexural cracks appeared at about the same load level as in
specimen 4. The web yielding, however, was recorded at a higher
load, 19.6 kips. Figures U4.17 and 4.18 show the crack patterns.
At 2% drift the load was 34.3 kips, slightly higher than specimen
i, Web yielding outside the joint for the beam carrying a higher
load, started at a load of 30.1k and was more prominent than in

specimen U4 (Fig. 4.18). The ultimate load was 37.3k. Beam




Fig. 4.17 Joint 5 after cycle U1.
(Upper left flange in compression)

Fig. 4.18 Joint 5 after failure.
(Top flange in compression in L1 and U1)
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loaded upward, carried about 30% higher load than the other beam.
A 3/8-in. gap was recorded under {or above) the tension flanges.
Specimen 6. Specimen 6 was designed to study the effect
of the steel panel, strengthened with doubler plates. Styrofoam
was placed inside the FBPs to preclude transfer of flange forces
to the concrete panel through them. The load-drift plot is shown
in Fig. 4.19. The initial stiffness was slightly higher than
specimen 5. First flexural cracks appeared at a load of 16.1k.
In cycle U1, the initial stiffness was lower than in cycle L1.
First, diégonal shear cracking was noted at a load of 20.6k, away
from the joint diagonal (Fig. 4.20). At a load of 34.8k more ds
cracks appeared near the joint diagonal. Cracks tr and td also
radiated from the tips of the tension flanges. Signs of concrete
crushing against the top compression flange were observed at a
load of 38.7k and the stiffness dropped substantially. Yield
lines in the web and the compression flange, adjacent to the
joint were noted in both beams. These yield lines appeared
earlier than expected, perhaps due to the residual stresses
caused by welding and flame cutting of thg plates. Yield lines
were also noted in the so called FBPs, perhaps due to the
compressive stresses and can be seen in Fig. 4.21.. At 41.9k
cracks Cr appeared from the tips of the compression flanges. A
flat plateau was reached at an average load of 45.3 kip at 2%
drift. At ultimate load, the upward load was about 20% higher
than the doqnward load. A gap of about 1/2-in. was noted under
(or above) the tension flanges. Crushing of concrete against the
compression flanges was severe (Fig. 4.22), hence the specimen
was unloaded. In cycle U2 almost the entire residual drift was
recovered before the stiffness increased. The resulting S-shaped

hysteresis loop indicated a reduction in energy dissipation
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Fig. 4.19 Load-drift plot of specimen 6.

Fig. 4.20 Joint 6 after cycle U1.
(Upper left flange in compression)




Fig. 4.21 Joint 6 after failure.
(Top flange in compression in L1 and U1)

Fig. 4.22 Joint 6 after failure.
(Top flange in compression in L1 and U1)
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capacity of the specimen; The specimen carried substantially
less load in cycle U2, 36.7 kips at 2% drift.

Specimen 7. A12-in.w1de,7/8-in;thick,face bearing
plate was used in this specimen., The load-drift plot is shown in
Fig. 4.23. Load cycle L1 was omitted in order to avoid damaging
the embedded concrete strain gages. The initial stiffness of the
specimen was the same as that of specimen 6. First ds and
flexural cracks appeared at a load of 15.7k (Figs. 4.24 and
4,25). Yielding of the steel panel was recorded at 18.6 kips.
As the load was further increased, more flexural cracks appeared
between the flanges and away from the joint. Cracks radiating
from the tension flanges were absent except for cracks td,
arising from near the flange tips, which were noted at a load of
36.2k. Concrete crushing against the compression flanges was
also seen at this stage. The load was 41.2 kips at 2% drift.
Yield lines were noted in the web and the compression flange
(Fig. 4.25). Yield lines were also seen in the FBPs near the
tips of the compression flange of the beam loaded upward (See
Fig. 4.25). At a load of U42.4k cracks Cr extended from the tips
of the FBPs (not the tips of the compression flanges) and
penetrated to the column edges (Fig. 4.26). Near the ultimate
load, the beam loaded upward carried about 20% more load than the
other beam. A 3/8-in. gap was measured under (or above) the
tension flanges. The behavior of the specimen in cycle U2 was
similar to that of specimens 4 and 5. The specimen carried an
average 36.7 kips at 2% drift, which was slightly less than the
corresponding load in cyecle Uf. _

Specimen Q. Face bearing plates extended 4 in. above
and below the beam in this specimen. The load - drift plot is
shown in Fig. 4.27. The initial stiffness was much higher than
the other specimens. First diagonal shear cracks appeared at a
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Fig. 4.23 Load-drift piot of specimen 7.

Fig. 4.24 Joint 7 after cycle U1.
(Upper left flange in compression)
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Fig. 4.25 Joint 7 after failure.
(Top flange in compression in L1 and U1)

Fig 4.26 Joint 7 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.27 Load-drift plot of specimen 8.

Fig. 4.28 Joint 8 after cycle U1.
(Upper right flange in compression)
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load of 15.3k. Flexural cracks were noted at a load of 20.2k at
the tips of the extended FBPs near the tension flanges. At a
load of 25.4k cracks tr originated from the tips of the tension
flanges as seen in Fig. 4.30. In cycle U1, steel panel yielded
at a load of 29.1 kips. Upon further loading, more ds and
flexural cracks appeared on thé column sides and faces (Fig.
4,28). Crushing of the concrete near the compression flanges was
noted at a load of 50.2k when the specimen started losing its
stiffness. At 2% drift, the specimen was carrying 54.5 kips
load. Near the ultimate, the beam loaded upward carried about
20% higher load than the beam loaded downward. Yield lines on
the web and compression flanges outside the joint were extensive
(Figs. 4.30 through 4.32). The built-up beams reached almost 90%
of their flexural capacity in this test. Extended face bearing
plates near the compression flanges also showed yield lines which
can be seen in Fig. 4.31. A vertical movement of 1/4-in. was
recorded for the extended FBPs near the tension flanges. The
specimen was unloaded when severe crushing and spalling of
concrete near the compression flanges was noticed. The specimen
carried considerably less load in cycle U2, 47.1 kips at 2%
drift.

Specimen 9. An 11-1/2 x 13-in. hole was cut into the
beam web to weaken the steel panel in Specimen 9. The load-drift
plot for the specimen is shown in Fig. 4.33. Cycle L1 was
omitted in this test. The initial stiffness of the specimen was
the same as in specimen 5. First flexural cracks appeared near
the tension flanges at a load of 15.0k. Cracks tr propagated
from the tips of the tension flanges at a load of 18.0K (Fig.
4,35). First diagonal shear cracks appeared on the joint
diagonal at a load of 20.4k. More cracks appeared as the load

was increased (Fig. 4.34). Concrete crushing near the




Fig. 4.29 Joint 8 after failure.
(Upper right flange in compression in L1 and U1)

Fig 4.30 Joint 8 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.31 Joint 8 after failure.
(Bottom flange in compression in L1 and U1)

Fig. 4.32 Joint 8 after failure.
(Top flange in compression in L1 and U1)
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Fig. 4.33 Load-drift plot of specimen 9.

Fig. 4.34 Joint 9 after cycle U1.
(Upper left flange in compression)
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Fig. 4.35 Joint 9 after failure.
(Top flange in compression in L1 and U1)

Fig. 4.36 Joint 9 after failure.
(Top flange in compression in L1 and Ut)
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compression flanges was noted at a load of 27.1k. At a drift of
29, the specimen carried average 31.4 kips. Cracks Cr radiated
from the tips of the compression flanges to the column edges (See
Fig. 4.36). Near the ultimate load the beam lcaded upward
carried about 26% more load than the other beam. A gab of 3/8-
in. was recorded under (or above) the tension flanges. Yield
lines were noted in the web outside the joint (Fig. 4.35). The
stiffness characteristics'of the specimen in cycle U2, were
similar to specimen 5. At 2% average drift, the specimen carried
28.0 kips, about 90% of that in cycle U1,

4.2 Stiffness Characteristics

In order to evaluate the stiffness characteristics of

the steel beam to concrete column connections, the relationship
between joint shear and joint distortion need to be studied. The
joint distortion and its various components were measured
directly. However, shear forces must be computed from the forces
transmitted to the joint by the adjoining members, as shown in
Fig. 1.8(b), assuming mechanism of transfer of flange forces to
the concrete panel is known. For the purposes of comparison,
the stiffness characteristics are presented in terms of ioad vs.
joint distortion. This relationship should be qualitatively
similar to the shear vs. joint distortion diagram and is not
dependent on shear force computations.

4,.2.1 Components 92 Joint Distortion. The beam

deflection or drift is due to the elastic flexural deformation of
members and to joint distortion. The total distortion in the
joint is comprised of steel panel separation and shear distortion
of the connection panel. Due to strain incompatibility of steel

and concrete panels, the shear distortion of the two panels is
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not the same. A definition of the terms used here is given in
the following.

a) Drift - ratio of the total relative vertical
movement (A) between a point on each beam; located
at an equal distance from the column centerline, to
the distance between these two points (X). It is
calculated as a percentage and related directly to
the interstory lateral drift in buildings.

b) Member Contribution - contribution of the elastic
flexural deformation of the beams and columns, as
shown in Fig. 3.23(a), to drift.

e¢) Total Joint Distortion (TJD) - total distortion in
the joint due to panel separation and panel shear.

d) Panel Separation (PSep) - drift caused by the rigid
body motion of the steel beam (or panel) with
respect to the column, as shown in Fig. 3.23(b).

e) Panel Zone Distortion (PZD) - shear distortion of
the connection panel. Since the shear distortion
in the steel and concrete panels differ in
magnitude, PZD is considered equal to the greater
of the two.

f) Steel Panel Distortion (Stl1PD) - shear distortion
of the steel panel in the joint.

g) Concrete Panel Distortion (ConcPD) = shear
distortion of the concrete panel in the joint.

h) Relative Beam Inclination (RBI) - inclination of
the steel beam just outside the joint relative to
the centerline of the concrete column at the joint.

As defined above, the TJD, consisting of panel

separation and steel panel shear distortion, causes drift in
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excess of the member contribution. Whereas, the drift caused by
the PSep is not influenced by the size of the joint, that caused
by the St1PD does. As illustrated in Fig. 4.37, the St1PD will
be smaller as the joint size decreases, i.e. ratio X/x,
increases. T: account for this effect, the TJD as well as the
St1PD as computed from the measured drift were corrected for the
joint size, as indicated in Fig. 4.37. However, this correction
could not be made for specimens 1 and 2, because the

instrumentation was not the same as in specimens 3-9.

~— Connection Panel

A/2
Steel Beam
Corr. Distortion, /=8 -é—

Fig. 4.37 Joint size correction for shear distortion.
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The total joint distortion in the test specimens was
calculated as follows:

TJD = (Drift - Member Contribution - PSep) X/x + PSep (4.1)

where member contribution was computed as described in Sec. 4.2.2
and panel separation was measured by the LVDT's near the faces of
the concrete column as described in Chapter 3. The TJD as
computed by Eq. 4.1 compared well in general with that measured
using the electronic digital inclinometer. The steel panel shear

distortion was then computed as follows.
Stl1PD = TJD - PSep (4.2)

Again, this computed value compared very well with that measured
using the electronic digital inclinometer.

The relative beam ineclination (RBI) for the test
specimens was measured using a frame mounted on the beam near the
joint, as shown in Fig. 3.25 and described in Chapter 3. The
RBI includes the panel szparation and the difference in the shear
distortions of the steel and concrete panels. Hence the concrete
panel distortion at the centerline of the column sides was

computed as
ConcPD(CL) = TJD - RBI (4.3)

The concrete panel distortion was also determined at the faces of
the concrete column by measuring the absolute rotation of these
faces using the digital inclinometer. The ConcPD(face) was then

computed by deducting the column rotation at the joint due to its
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elastic flexural deformation. These measurements and
computations were not made for specimens 1 and 2.

As mentioned above, the total joint distortion was
computed from the measured drift by subtracting the member
contribution. Since the member contribution was a small part of
the drift, the TJD should be quite accurate. However, the same
may not be true for its components, especially at early loading
when the magnitudes of distortion were small. The panel
separation, which was a key in determining other components, may
not be so accurate the way it was measured. Figure U4.39 shows
the typical arrangement used for measuring panel separation.
There were two sources of error in this arrangement; a) flexural
deformation of column under the beam, and b) steel panel
distortion. The flexural tension cracks and the flexural
compressive strains in the concrete column between points A and
the beam soffit (See Fig. 4.39) overestimate the panel
separation. The relative magnitude of error is large when the
distortions are small. For instance, a 0.01-in. wide flexural
tension crack would cause 0.001 rad. (i.e. 0.1%) excess panel
separation. The second source of error was the steel panel
distortion. As shown.in Fig. U4.39, StlPD increases measured PSep
and results in a smaller StlPD (as per Eq. 4.2). The magnitude
of error perhaps ranged from 20 to 35% of the St1PD. Due to
these inaccuracies, the composition of TJD in quantitative terus
may be misleading, and hence this data is presented in a
qualitative form only.

4,2,2 Member Contribution., The Member Contribution
here refers to the drift caused by the elastic flexural

deformation of the beams and columns. The members of the test

specimens were over-designed to force the failure in the joint.

Hence, there was almost no inelastic flexural deformation in




Fig. 4.38 Schematic diagram of the test specimen.
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Fig. 4.39 Sources of error in panel separation and steel panel distortion.
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these members. However, the column concrete was cracked due to
flexural tension at an early load in most of the specimens:

Hence, the gross concrete area was not effective in providing

-stiffness. Also, column reinforcing bars in the joint area

slipped in most tests causing additional drift which is recorded
as part of panel separation. Member contribution to drift was
very small as compared to the overall drift of the test
specimens.

A typical test specimen is shown schematically in Fig.
4,38, For the purpose of calculating member contribution, the
joint is assumed infinitely rigid. Equal and opposite loads P
are applied at the beam ends, a distance L apart. The ¢“3tance
between the two points where deflection is measured, is indicated
as X. Height of the column between reaction points is shown as
H. These -distances in lower case, i.e. %, X and h, represent the
corresponding distances after deducting the joint size.

A simple analysis of this sub-assemblage would show that
the total vertical deflection, A, between the two points at a

distance X apart, would be

PAXL b Px3 (1 + 1.5 a/x)
A = mmmmemee ()2 4 mmemmemenllllD (4.4)

A/X = mmmmmm- O (=) (4.5)
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The concrete compressive strength, f}, for specimens 1
and 2 was 3550 psi at the day of testing; Using the ACI

recommendations, the modulus of elasticity, E is equal to

Q!
57000/F}, i.e. 3396 ksi. The moment of inertia of the gross
transformed section of the column is 6210-inu and that of the
cracked transformed section is 3260-in3ﬂ The load at the beam
end when the column concrete in flexural tension reaches its
modulus of rupture of 7.5/?5 is 8.7 kips. Hence for the purpnss
of calculating member contribution, the effective moment of
inertia, I,, for the column section in specimens 1 and 2 was
taken as 3500-inu.

) For specimens 3 through 9, the concrete strength, fé on
the average was 4000 psi, yielding a modulus of elasticity, Ec,
of ‘3605 ksi. The moment of inertia of the gross transformed
4 and that of the cracked

transformed section is 10,000-inu. The load at the beam

section of the column is 18,790~-in

end, when the concrete in flexural tension reaches 7.5¢?ﬁ; is
c? for the

for specimen 3 and 10,500-

10.5 kips. Hence, effective moment of inertia, I
column section was taken as 13,000-inu
in.u for specimens 4 through 9.

The drift of specimens 1 and 2 was based on the
deflections measured at the beam ends, i.e. X = L, while that of
the specimens 3 through 9 was based on the deflections measured
at the two points, distance X = 5 ft-2 in. apart. Using the
values of E, and I, as mentioned above, the member contribution
to drift for any load P at the beam ends, was calculated based on

Eq. 4.5, as follows

Specimens 1 & 2 : Member Contribution = P/66% (4.6a)
Specimen 3 : Member Contribution = P/183% (4.6b)
Specimens 4 through 9 : Member Contribution = P/159% (4.6¢)
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4,2.3 Load vs. Joint Distortion Relationship. In this

section the total joint distortion (TJD) and its various
components are described. Since specimen 5 was designed as a
reference test for the evaluation of most parameters, its results
are presented first, followed by specimens 4, 3 and 6 through 9.
The results of pilot tests 1 and 2 are presented last. The
composition of joint distortion for each test is summarized in
Table 4.2 for better comparison

Specimens 5 and 4. Figure 4,40 shows plots of total

joint distortion and its two main components, panel separation
and steel panel distortion, for specimen 5 in which a thick FBP
was used. A comparison of TJD in Fig. 4.40 and drift in Fig.
4,16 clearly show the similarity of two plots due to a small
member contribution. This similarity was noted in all the
specimens. The joint in specimen 5 was extremely rigid in the
beginning but started softening as the load was increased above
10 kips, presumably due to breaking bond between the steel beam
and concrete and bending of FBPs. Upon further loading the steel
panel yielded at 19.6 kips when the TJD was 0.29%. The joint
gradually started loosing stiffness as more and more diagonal
shear cracks appeared on the concrete panel. It reached a load
of 34.1 kips at 2% TJD. Upon further loading more cracking and
crushing was noted. However, the joint not only maintained its
strength but showed a small increase, before the specimen was
unloaded at 4.25% TJD.

Panel separation accounted for almost the entire TJD at
the low levels of load but soon dropped to 80%. After the steel
panel yielded the contribution of PSep further dropped to 60% and
stayed almost constant thereafter. Steel panel distortion, thus,
contributed about 40% to the TJD. Figure 4.41 shows plots of




Table 4,2 Summary of Joint Distortion (Cycle Ul)
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Panel Separation Stl. Panel Distortion Conc. PD (cl) conc D (face)
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Fig. 4.40 Composition of joint distortion in specimen 5
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Fig. 4.41 Comparison of distortion in steel and concrete panels of specimen 5.
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steel panel distortion and the concrete panel distortions as
measured at the centerline of column side and at its faces. The
ConcPD(CL) was almost zero in the beginning but after the
concrete started cracking (around 20 kips load) it increased to
about 20% of TJI and stayed at this level through the remaining
load history. The ConcPD(face) was 40% of TJD. The concrete
panel exhibited the same distortion as steel panel at the faces
but lagged behind at the column centerline.

The TJD in specimen 4 which employed a thin FBP, is
plotted in Fig. 4.42. Like specimen 5, the joint was initially
quite rigid. The stiffness changed at around 5 kips, perhaps due
to bending of thin FBPs. The joint stiffness was comparable to
that of specimen 5. '

The total joint distortion was composed of PSep and
St1PD, accounting for about 607 and 40% of TJD, respectively.
Concrete panel distortion at the column facés was a little bit
greater than the St1PD, about 45% of TJD. ConcPD(CL) was about
25% of TJD up to 20 kips load but thereafter steadily dropped
down to about 12% of TJD, thereby demonstrating a distortion lag
similar to spebimen 5.

Specimen 3. The plot of TJD for specimen 3 which
contained a piain beam, is shown in Fig. 4.42.  Initial stiffness
of the joint, like other specimens, was almost perfectly rigid.
However, as the bond hetween the steel beam and concrete broke at
a load of about 5k, stiffness dropped rapidly. Once the steel
panel yielded at about 15 kips, the joint had very low stiffness.

The components of TJD, PSep and Stl1PD, accounted for 80%
and 20% of TJD, respectively, up to 10 kips. The contribution of
PSep beyond this load steadily dropped to 40% at ultimate load.
ConcePD (face) was less than St1PD and was almost nil up to 15

kips, whereafter, it gradually increasad to 60% of TJD at
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ultimate load. ConcPD(CL) was zero through the entire load
history.

Specimen 6. In specimen 6 doubler plates were used to
prevent shear yielding of the steel panel. The TJD for the
specimen is plotted in Fig. 4.43. The initial stiffness was
about 30% greater than the corresponding stiffness in specimens 4
and 5. Around 0.7% TJD and 35 kips, the concrete started
crushing against the compression flanges and the joint stiffness
dropped further. The joint reached its peak strength, i.e. 46.8
kips at 2% TJD. With further loading, the joint strength dropped
slightly, a characteristic of this specimen only. Perhaps this
was due to extensive concrete crushing.

The measured panel separation was about 90% of TJD in
the primary direction of loading and about 110% in the reverse
direction. However, in view of the accuraccy of these
measurements, it can be assumed that the PSep accounted for

nearly all of TJD. ConcPD (face) was recorded 45 to 55% of TJD
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Fig. 4.43 Load vs TJD plot for specimens 3, 6, 8 and 9.
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through the entire load history of the specimen. ConcPD(CL) was
almost nil up to 20 kips but increased linearly to 30% of  TJD at
peak load and to about 55% of TJD, thereafter.

Specimen 7. A wider face bearing plate was investigated
in'specimen 7. The plot of load vs. total joint distortion is
shown in Fig. 4.42, The stiffness characteristics of the joint
were almost the same as that of specimen 6, 30% greater than the
corresponding value in specimens 4 and 5.

The panel separation accounted for about 80% of TJD
initially, but as the load exceeded 30 kips, PSep dropped to
about 65%. The remaining joint distortion was due to the Stl1PD.
The ConcPD (face) was a little higher than St1PD, around 40% of
TJD. However, as the load reached ultimate, the ConePD (face)
dropped below St1PD. Contrary to the other tests, ConcPD(CL) in
this test was almost exactly the same as StiPD, which may mean
the concrete panel was mobilized more effectively. Also it is
interesting that the magnitude of ConcPD(CL) in this test was the
same in as in specimen 6.

Specimen 8. A plot of TJD for specimen 8 which had
extended FBPs is shown in Fig. 4.43., The joint showed almost no
distortion up to 15.0 kips. Upon further loading stiffness
reduced slightly but was almost two and a half times that of
specimens 4 and 5. At 29.1 kips, when the steel panel yielded,
the joint showed 0.17% TJD. The joint stiffness started
deteriorating at 50 kips average load as the concrete crushed
against the compression flanges. The joint reached its ultimate
strength at 55.0 kips at 2% TJD and maintained it until 3.61%
TJD, when it was unloaded.

Panel separation, as measured, accounted for almost 100%
of TJD until Y40.0 kips and dropped down almost linearly
thereafter to about 60% at ultimate load and beyond. Concrete




120

panel distortion at the columns faces was 80% of TJD almost
through the entire loading history, and was significantly larger
than the St1PD. ConcPD(CL) was about 30% of TJD until 30 kips
and then increased almost linearly to about 80% near ultimate
load.

Specimen 9. The total joint distortion in specimen 9 in
which the steel panel was cut out, is plotted in Fig. 4.43. The
stiffness characteristics of the joint were similar to specimens
4 and 5. The magnitude of load carried by the specimen was also
close to that in specimens 4 and 5. The TJD composition was 55%
panel separation and 45%, so called St1PD, almost through the
entire load history. ConcPD (face) was equal to the StlPD.
However, typicél of most specimens, ConcPD(CL) lagged behind the
distortion at column faces. It was zero up to 20 kips, and
ranged from 20% of TJD to 35% at ultimate.

Specimens 1 and 2. Specimens 1 and 2 were designed as

pilot tests to investigate the potential of FBPs. The plots of
total joint distortion for the two tests are shown in Fig, 4.4,
It should be pointed out that the member proportions in these
tests were entirely different from those in remaining seven
tests. Hence, while a particular load at the beam ends would
cause identical joint shear in specimens 1 and 2, it would
correspond to entirely different joint shear in the remaining
tests. Therefore, the results of these two tests cannot be
compared directly with those of other tests.

A distinct feature of the TJD plot for the two specimens
is the absence of initial rigidity of joint which was observed in
specimens 3 through 9. The joint stiffness of specimen 1 was
fairly constant up to 15.0 kips and .50% TJD. As the steel panel
yielded at 16.9 kips, the joint had almost no stiffness.
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Fig. 4.44 Load vs TJD plot for specimens 1 and 2.

ConcPD(CL) was almost zero through the entire load history.
Other components of distortion were not measured. '

The initial joint stiffness in specimen 2 was around one
and a half times that of specimen 1. The joint lost some
stiffness around 16.0 kips when the TJD was 0.30%. As the
concrete above the compression flanges started crushing, the
joint lost substantial stiffness at 23.5 kips and 0.77% TdJD.
ConePD(CL) was about 25% of TJD over the entire load history.

4.3 Flange and Face Bearing Plate Stresses

The forces resisted by the steel and the concrete panels
of the joint are shown in Fig. 4.45, The individual

contributions to the overall joint resistance depends on the
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connection details, i.e. face bearing plates, the relative
stiffness of the two panels, etec. To get information on
internal distribution of forces within the panel, the strains in
the beam flanges inside the joint and in the face bearing plates
were monitored at a few locations. The data were recorded as
strains and later converted into stresses by multiplying with the

modulus of elasticity, E with a due consideration for poison's

’
effect. Therefore, the :alculated stresses, as presented in the
following, were only correct until the material reached its
elastic 1limit, i.e. measured yield strength, Fy. Reader should
exercise caution while interpreting these data beyond stress Fy.

4.3.1 Transverse and Longitudinal Flange Stresses.

Cross pattern gages were used to monitor the surface strains at
the flange centerline in the 1longitudinal and transverse
directions. Typically a gage was 4 inches inside the face of the
column on the flanges subjected to compression under the primary
loading defined in Fig. 4.1. The longitudinal stress history in
the two flanges of specimen 5 (thick FBP), shown in Fig. 4.47,
are similar. The longitudinal flange stresses calculated at the
face of the column using simple beam theory are shown for
reference. As expected the flange stresses are lower than the
calculated stresses at the column face at low load levels. As
the ultimate load was approached, the compressive flange stress
increased rapidly. This was unexpected since the compressive
stress at the gages should reduce when the force from the tension
flange of the other beam is transferred to the FBP, once the
steel web panel is yielded. The large compressive stress near
the ultimate load indicate that perhaps the stress is not uniform
across the flange width. The surface stresses could be affected
by bending of the flanges about their own axis. After the steel

panel yields in shear, additional resistance is furnished by the
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bending strength of the flange plates until plastic hinges form
near four corners, as shown in Fig. 4.45. In future studies
strains should be measured on both surfaces of the flange so that
the average flange stress can be determined and local flange
bending stresses eliminated.

The transverse flange stresses at the two gage locations
of specimen 5 are plotted in Fig. 4.48. Because of the gage
locations and loadings, the stress histories were expected to be
similar, and they were in most specimens, but in specimen 5 they
were very different. Gage B indicated a slight tension until 15
kips when the direction changed to compression and the stress
increased to 12 ksi near the ultimate load. The stress history
at this gage was a better representation of what was noticed at
both gage locations of most specimens. The initial tension was
presumably due to the transverse bending of the flanges caused by
bearing forces as shown in Fig. 4.46(a). A major part of this
bearing force was transferred to the steel panel through the
flanges and the concrete wedged between them and the steel panel,
as shown in the figure. However, after the steel panel yielded
in shear more of this bearing force was transferred to the
concrete panel causing the reverse bending of the flanges as
shown in Fig. 4.46(b), thus indicating compressive stress at Gage
B beyond 15 kips. On the contrary, Gage A indicated tension
through the entire load history. The stress increased to 9 ksi
at 35 kips before dropping to about 3 ksi at 36 kips, when the
gage ceased functioning. A different stress history at Gage A is
hard to explain. One can only speculate that it is perhaps
because of the unsymmetrical nature of concrete panel caused by
the entrapped air and vertical consolidation of concrete

constituents under the flanges, as shown in Fig. u.49,
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The transverse stress history in the flange of specimeg
6 (with doubler plates) is plotted in Fig. 4.50. Four cross
pattern gages, one on each flange, were installed. The stress
history at the compression flanges, gage A and B, was symmetrical
to that at the tension flanges, Gages C and D. Since the steel
panel did not yield, Gages A and B indicated surface tension due
to transverse bending as shown in Fig. 4.46(a), through the
entire primary loading. The flanges at Gages C and D were bent
in the opposite direction. The stress at all four locations
increased slowly and reached yield stress at a beam load of 40
kips. It is not clear if thicker flanges would have increased
the specimen strength since the steel panel did not reach its
shear capacity. The symmetry of stress history at the tension
and compression flanges indicate that a significant part of the
column flexural forces were transferred to the steel panel
through the tension flanges.

4.3,2, Transverse and Vertical Stresses in Face Bearing

Plates. Cross pattern strain gages were mounted on the FBPs in
most of the specimens. Typically two gages were used, one each
on the west and the east FBPs. Their location is given in Fig.
3.32.

The history of transverse stress at the two gage
locations in specimen 5 (thick FBP) is plotted in Fig. 4.51. The
surface stress was compressive in nature through the entire
primary loading, and was due to transverse bending of FBPs under
the bearing pressure. As the load was increased, the stress
increased at an accelerated rate, reaching a maximum value around
40 ksi. Gage A, located on the west FBP, typically showed a
slightly higher stress since the west beam, loaded upward,

carried more load compared to the other beam.
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The vertica. stress at the two gage locations of
specimen 5 are plotted in Fig. 4,52. As stated earlier, because
of the symmetrical locations and loading, the stresses were
expected to be similar, but the two gages typically showed a
significantly different stress history. Gage B of specimen 5
indicated a small magnitude of stress which was compressive in
nature until near ultimate load when it changed to tension. 1In
contrast, Gage A indicated a small tension at low loads which
increased quickly and reached yield. A high tensile stress at
Gage A was noted in most specimens, though not quite as high in
other specimens. It is not clear why the vertical stress history
differed so much at the two locations. Perhaps it could be
attributed to the consolidation of concrete under the flanges,

causing unsymmetric concrete panel properties as stated earlier

- and shown in Fig. 4.49. The tensile vertical stress in the FBPs

could be due to the transfer of tension force of the column
vertical bars to the diagonal compression strut through friction
at the FBPs, as shown in Fig. 4.53.

The vertical stress in the FBP of specimen 6, in which
only one -.cross pattern gage was installed, is plotted in Fig.
4,54, The stress increased almost steadily in compression,
reaching a maximum of 30 ksi at the peak load. As the plates
were isolated from concrete, they had almost no bending stresses.
The entire stress was due to the distribution of bearing pressure
from the compression flanges to the steel panel as shear. The
stress history shows the effectiveness of the FBPs in

distributing bearing forces on the flanges.

4.4 Reinforcing Bar Behavior

Research conducted on reinforced concrete beam-column

joints has indicated the bond characteristics of column vertical
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bars are especially important for the stiffness of the joint.
Also the transverse reinforcement in the joint enhances concrete
shear capacity by providing confinement. To evaluate the
performance of joint reinforcement, a few of the vertical bars
and ties were instrumented in the test specimens. Selected data
from this instrumentation are presented in this section. As
mentioned in the last section, the data from these
instrumentation were recorded as strains and later converted into
stresses. Therefore, the calculated stresses, as presented here,
were only correct until the material reached its elastic limit.
Reader should exercise caution while interpreting these data -
beyond measured yield strength, Fy.
4.4,1 Column Vertical Bars. The strains in the

vertical bars were monitored in specimens 1 through 5 and 8, 1In
specimens 1 and 2, four bars closest to the steel beam were
instrumented while in other specimens vertical bars in one corner
were gaged. The gage locations are given in Chapter 3.

The stresses indicated by the gages located at the
bottom flange level for specimen 5 (thick FBP) are plotted in
Fig. 4.55. The stresses in the same bars at the top flange level
are plotted in Fig. #4.56, Gage labelled AT malfunctioned and is
therefore not.plotted. Stresses in the bars calculated at the
gage locations, based on the cracked transformed section
properties, are plotted for reference. The stress obtained by
strain gages AB, BB and CB, located in the flexural tension zone
under primary loading, compared reasonably well with the
calculated stress as shown in Fig. 4.55. The stresses indicated
by the gages were slightly lower than the computed values in the
early part of loading, but as the concrete cracked the stresses
gradually increased to the computed value. Strain gage AB
malfunctioned around 33 kips. Gages BT and CT, located in the
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flexural compression zone under primary loading, indicated a
small compression in the early part of loading, but soon changed
direction to tension which increased with load, as shown in Fig.
4,56, The tension at each gage -was lower than the stress at the
corresponding gage at the bottom flange level, except near the
ultimate load when the stresses sharply increased. These stress
histeries indicate that during early part of loading, the tension
in these reinforcing bars at bottom flange level was transferred
t.0 the concrete through bond within the beam depth, as shown in
Fig. 4.57(b), therefore gages BT and CT indicated a small
compression. However, as the steel panel yielded in shear and
the bond with concrete deteriorated, a part of the vertical bar
tension was anchored in the compression block above the top
flange, as shown in Fig. 4.57(b), thus Gages BT and CT indicated
tension. Near the ultimate load some readjustment of stress at
the top flange level took place and Gage BT indicated a stress
lower than the corresponding Gage BB while Gage CT indicated a
stress higher than the corresponding Gage CB. It will be
incorrect for this specimen to compere the average stress of two
functioning gages at top flange level to the average of three
gages at bottom flange level. Similar comparison for other
specimeﬁs, where all the gages functioned, indicate the average
stress at the top flange level to be close to the average value
at the bottom flange level near ultimate indicating that there
was little transfer of stress from bars to concrete over the beam
depth. The readjustment of stress among the bars near ultimate
load could not be rationalized with the available data.

The stress history at gages located in the flexural
tension zone under primary loading of specimen 8 (extended FBP)
is plotted in Fig. 4.58. Gage labelled CB malfunctioned, and is
therefore not plotted. The stresses indicated by the strain



< TN\ T
(of" =T Ty
i \
CI A \ Tr
|tl NI L
7y | ﬁl N\
| N M v
N . | §I «
T N | Cr
N {L A
l Tb —le Cb —
~.LA

a) TYPICAL JOINT

= P dved <

b) SECTION A

Fig. 4.57 Flexural forces on a typical joint.

134



135

60 1 BB CB '
aBlg® °2 5 /

o 10 o)

8- 00 920

=

- 40 Gage AB

c

-3}

£

E 30 -

Theoretical stress at
® the tip of the botiom
-§ 20 ext. FBP.

o

>

(=}
10 -
O -

T T ]

T
-40 -20 0 20 40 60
stress (ksi)

Fig. 4.58 Stress in vertical bars of specimen 8 near bottom flange.

gages were slightly lower than those calculated based on the
cracked transformed section properties of column at the tip of
the extended FBP. As the load exceeded 47 kips, the stress at
both gages sharply dropped. Perhaps the bars were bent about
their own axis, causing the net surface stress at the gage
location to reduce while still maintaining the net tension across
the area of the bar. Bending of the bars could be due to the
transfer of part of the flange forces, Cb and Ty, to the diagonal
compression strut through the mechanism shown in Fig. 4.59(b).
Part of this force was transmitted on the bars located across the

column depth and returned back to the diagonal compression strut
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via tension in the ties as indicated in Fig. 4.59(b). The stress
history at the gages located in the flexural compression zone of
the column is shown in Fig. 4.60. The initial load range in
which the stress was compressive in nature was higher than in
other specimens. Also, the magnitude of tension beyond this
range was relatively small, although the specimen carried almost
1-1/2 times the load recorded for specimen 5, for instance. This
lower tension could be due to the longer bar development length
available within the beam depth. It should be pointed out that
the effective depth of the steel beam due to the extended FBPs
was almost 50% more in this specimen. Near ultimate, like in
other specimens, the tension in all the three gages sharply
increased, reaching yield (65 ksi) in AT, 48 ksi in BT and 19 ksi
in CT, giving an average stress of 44 ksi which compared very
well with the calculated value at the tip of the bottom Ext. FBP.
This means the vertical bars were debonded within the beam depth
at the ultimate load.

b 4.2 Joint Ties. The strains in the ties within the
beam depth and in a few ties located above and below the beam
were monitored in all the specimens. The gage locations are
given in Chapter 3.

The gages located within the beam debth typically
recorded strains after the diagonal shear c¢racks appeared and
increased almost linearly to yield near the ultimate load. Since
there were no diagonal shear cracks in specimens 1 and 3, the
joint ties in these specimens showed hardly any strain. The ties
near the mid-depth typically yielded early and were strained
higher than others. Figure U4.61 shows the stress history in the
ties across the column depth located in the top half of the joint
in specimen 5 (thick FBP). High stress and yielding of both,
ties across the column depth, and those across its width,
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indicate their effectiveness in confining the diagonal
compression strut.

Qutside the joint, the two sets of instrumented ties
across the width of column face in compression, typically
indicated a very small stress until near ultimate load when the
stress increased sharply to yield as the concrete started
crushing. Ties inside the joint reached yield earlier than those
outside, and were strained more. The outside ties were effective
in holding the concrete together under high bearing stress
thereby improving bearing strength. The two sets of instrumented
ties across the column. depth, located above the top flange, were
strained after the concrete started cracking which increased with
the load and reached yield in some specimens. The outside tie of
the first set was typically stressed highest, followed by the
inside tie of this set. The stress history of these gages in
specimen U4 (thin FBP) is shown in Fig. 4.62. The higher stress,
typical in the outside ties, was perhaps due to the mechanism

described earlier and shown in Fig. 4.59.

4.5 Connection Panel Behavior

4.5.1 Steel Panel Behavior. The shear stress in the

steel panel was monitored with a single rosette strain gage at
the center of the panel in specimens 3 through 8. In specimens 1
and 2 two rosette strain gages were installed at one third points
on a line at mid-depth of the beam. The strain data from these
rosettes were analyzed using Mohr's strain circle and maximum
shear strain was calculated. The maximum shear stress was then
calculated using this strain at each load point. Whereas the
strain calculations were valid through the entire load history or
until the gage malfunctioned, the calculated maximum shear stress

was only correct until the material reached its elastic limit.
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The steel panel was considered to have yielded when the maximum
shear stress reached a stress value of Fy//gj according to the
Von Mises's yield criteria, where Fy is the measured yield
strength of the steel panel material, 36 ksi for specimens 3
through 8 and 56 ksi for specimens 1 and 2. The doubler plates
in specimen 6 were 50 ksi.

The gages typically did not indicate much shear in the

steel panel until aahesive bond between the steel beam and

" concrete was overcome (at a load of around 10 kips). The shear

stress then increased with load until it reached yield. The load
corresponding to the yield stress for each specimen is listed in
Table 4.1 at the beginning of this chapter. As planned, the
steel panel in specimen 6 did not yield. As the load was further
increased, in most specimens the maximum shear strain increased
sharply. Figure H4.63 shows the plot of maximum shear stress at
the gage location in the steel panel of specimen 5 (thick FBP).
The shear reached yield stress at 20 kips. Unlike most
specimens, the maximum shear strain reduced slightly then rapidly
increased again at 26 kips. It is not clear why the strain
dropped after reaching yield, perhaps the shear was redistributed
from the steel panel to the concrete panel. Nevertheless, almost
the entire joint shear due to load above 26 kips was resisted by
the concrete panel. Some resistance was provided by bending of
the flanges about their own axis.

4,5,2 Conecrete Panel Behavior. The concrete panel in a

few specimens was instrumented with resin impregnated, 2-1/2 in.
gauge length, embedded strain gages. The location of these gages
in each specimen is described in Chapter 3. Typically the gages
were placed along the diagonal between the west-top and east-
bottom corners of the connection panel at the quarter-point and
mid-point. The gages placed in the confined zone within the
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flange width were labeled as C1 and C2. The gages located in the
less confined zone outside the flange width, were labelled as Ut,
U2 and U3.

The data from these gages, like others, were recorded in
terms of strain. Due to the non-linear stress-strain
relationship for concrete, these results are presented as such.
The relationship between stress and strain of concrete depends
very much on whether it is confined or unconfined. Figure 4.64
shows typical stress-strain curves for both confined and
unconfined concretes. The stregs is shown in terms of the
compressive cylinder strength of concrete, f, The curve shown
for unconfined concrete represents fairly well the stress-strain
relationship for concrete strengths between 3000 and 6000 psi.
The peak stress may not be exactly at .002 strain but iies very
close to it. The stress-strain curve' for confined concrete,
however, is typical only in shape. The magnitude of the peak
stress, fc max’® 28 well as the slope of the descending branch, z,
are very heavily dependent on the amount of confinement. For the
concrete confined by spiral or hoop reinforcement, the stress

f'cmax
confined by closed structural steel sections, i.e, circular or

may range from f! to 2 f! However, if the concrete is
(¢} c

rectangular tubes, the stress fc max Mmay be several times higher.

The exact magnitude of f for the portion of concrete panel

¢ max
confined by the steel beam flanges and FBP in this series of
tests is impossible to determine. However, the concrete panel
outside the width of flanges, which was perhaps confined only by
the joint ties, may be well represented by the stress-strain
curve for confined concrete in Fig. 4.64.

The strains in the concrete panel of specimen 5 (thick
FBP) as recorded by gages C1, C2, Ul and U2, are plotted in Fig.

4.65. Gages Ul and U2 recorded about half the strain of C1 and
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Fig. 4.65 Strain in the concrete panel of specimen 5.
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C2 up to a load of about 25k. Upon further loading the strain in
gages C1 and C2 increased much faster. At ultimate load C1 and
C2 recorded 0.011 and 0.012 strains, respectively and U1 and U2
0.0027 and 0.0015 strains, respectively. This large lag in
strain between the C and U gages, suggest that the concrete panel
within the flange width may be separated from the concrete panel
outside the flange width. This leads to the hypothesis that the
diagonal compression strut of the concrete panel was perhaps
"confined within the widths of flanges and FBPs near the ultimate
load. The stress in this diagonal strut was at least equal to or
greater than £ The width and depth of this strut could not be
determined from these data.

In specimen 6 doubler plates were welded on the steel
panel and a styrofoam layer was placed behind the FBPs to prevent
any participation of the concrete panel inresisting the joint
shear. A single concrete gage C2 was used to measure the shear
in the concrete panel. A maximum strain of 0.00008 in./in.,
which correspond to a stress of 290 psi, was recorded at 40 kips
before the gage malfunctioned. This small stress clearly shows
the concrete panel resisted almost no joint shear. Nevertheless,
the pattern of diagonal cracks on the concrete panel as shown in
Fig. 4.20 and described in Sec. 4.1 was very similar to that of
specimens 5 and 7. Perhaps the diagonal cracking of the panel
was due to the tension transferred from the column vertical bars
in flexural tension, and due to the fact that the nature of the
applied loads is such that shear distortion is imposed on the
concrete panel,

Five strain gages Qere embedded in the concrete panel of
specimen 7 (wide FBP). The strain history of all five gages is
plotted in Fig. U4.66. The strains recorded by gages C2 and U1
are perhaps lower than the actual magnitudes since they indicated
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Fig. 4.66 Strain in the concrete panel of specimen 7.
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Fig. 4.67 Strain in the concrete panel of specimen 9.
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tensile strain at low loads, perhaps due to cracks in the
viecinity. The gage U3 which was at 8-1/4 inches off the web,
recorded strains smaller than .0007 in./in. up to 42 kips load
when it ceased functioning. It is c¢lear that the strain lag
between gage C1 and U1 and between C2 and U2, was much smaller
than what was noticed in specimen 5. It should be pointed out
that the gages U1 and U2 were located 6-1/2 in, from the web,
almost the same distance as the edge of the FBPs. Gage U3 which
was outside the FBP, showed a large lag in strain compared to the
other gages. The diagonal compression strut of the concrete
panel may have been confined by the FBPs.

In specimen 9 the effect of an extremely weak steel
panel (hole cut in web) on the performance of the concrete panel
was studied. Almost the entire joint shear was carried by the
concrete panel. Four concrete gages, Ci, C2, U1 and U2, were
embedded, but gage C2 did not work. The strain history of the
remaining three gages is plotted in Fig. 4.67. At ultimate load
gages C1, Ul and U2 recorded strains of .015, .008 and .0035
in./in., respectively. Comparison of strains in gages C1 and U1

- indicate much smaller strain lag than in specimen 5. The maximum

strains in gages U1 and U2 were almost two to three times the.
corresponding maxima in specimen 5. This comparison clearly
indicates the diagonal compression strut in this specimen
extended beyond the width of flanges and FBPs since the specimen
carried almost the same.load as Specimen 5 even thocugh the steel

panel was cut-out.







