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where f, is the computed axial stress, f;, is the computed compressive bending stress, F, is
the allowable axial stress, F, is the allowable bending stress, and Cm/(l—fa/Fe’ is a

moment amplification factor. The first equation is appropriate for members that will fail due
to instability while the second equation is appropriate for members in which buckiing is
precluded. It was established in the previous section that the slenderness ratio of the
bearing web will be limited to ensure a vyielding failure, rather than a buckling failure.
Therefore, Equation 6.11 will be used to design the web. To ensure that this equation will
always control the design, the ampilification factor of the second term in Equation 6.10 must
be less than or equal to one. If this factor is one the second term will reduce to f, / Fy,
which is the second term of Equation 6.11. The coefficient C,, is 0.85 for a member which
is loaded axially, has its maximum moments at the ends, and ends which are not prevented
from translating. This is the condition of the bearing web. If f, = 0.472F, and the effective
length factor of the web is set to one the amplification factor becomes a function of the
slenderness ratio, which can be solved for as

h 207
- <
-

e

and if F, = 50 ksi the maximum slenderness ratio is 28. The maximum slenderness ratio,
however, was previously set at 13 so that the failure would occur in the strain hardening
range (F., = 1.0F,). At h/r < 29, the buckling stress as determined by Equation 6.8 is F ;>
0.995F,, a difference of less than 0.5%. Sincer =1t/ V12 for a rectangular section, the
limiting slenderness ratio can be converted to a minimum thickness limit. If the allowable
bending stress is set to 0.55F, the interaction equation to be used for the design of the
bearing web is

(6.13)

h
Sa + Je < g;Ty (inches) (6.14)

<1l : t, 2
0472F, 0.55F,
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6.3.2 Design of Bearing Plates

Sizing the Bearing Plate

The results of the compression
tests showed that the uniform stress
method for designing a bearing plate is
conservative. A bearing plate on a
concrete pier is best modelled as a beam
Figure 6- 23  Model of bearing plate as beam ©n an elastic foundation, as shown in

on elastic foundation Figure 6.23. The primary variables in the

model are the length of the beam, /; the

flexural stiffness of the beam, El; and the modulus of reaction, k, which is a function of the

modulus of elasticity of the concrete, E.. The modulus of reaction is defined as the load
per unit length required to produce a unit deflection in the foundation.

The bearing stress in the concrete per unit length is
qg=ky (6.15)

where y is the local downward deflection of the concrete. To produce the uniform stress
distribution that is assumed in the simplified analysis method, the deflection y must be
uniform at all points along the length of the beam. A simple way to check the uniformity of
the deflection is to compare the deflection at the center of the beam with the deflection at
the end of the beam. If the ratio of the two measurements is one, the deflection and the
bearing stress are uniform. For a finite length beam with a point load at the center, the
ratio of the end deflection to the center deflection is

Vena _ 4cos (Pl/ 2)cosh (Bl/2)

(6.16)

Veen 2 + cos Bl + cosh Bl

where B/ = 14L. A plot of
4E]
Yend / Yeen VS. B/ is shown in Fig-
ure 6.24. For B/ < 1, Yend / Yeen
~ 1; the deflection, and there-
fore the stress, is uniform. For
: B/ > 3, the deflection at the end
2 of the beam becomes negative;
A the beam applies a tensile
oal ¥/ stress to the foundation. Since
0ol the beam is needed to transfer
03! compressive stress the portions
of the beam transferring tensile
B/ stress are ineffective. Between
Figure 6- 24  Ratio of end deflection to center deflection the . twg . extremes' the
vs. pl r.elatlonshlp is approxmately
linear. If B/is setto 1, a maxi-

yend / ycent
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mum length can be calculated such that the stress distribution is uniform. If p/is setto 3, a
maximum length can be calculated such that the entire length of the beam is effective. The
modulus of reaction of the concrete can be estimated as

- Ec
k=2 (6.18)

The derivation of this equation and all of the remaining equations in the section are shown
in Appendix B. For a beam of unit width, the moment of inertia | = t° / 12 where t is the
thickness of the beam.

The maximum length for the two conditions are

layr = 0.73 3.5’( %j £? for uniform stress distribution
lyy = 2.56 3.5*[ d J £ for fully effective length

For example, if the beam thickness is 1.75 inches and the modulus of elasticity of the
concrete is 4031 ksi (f. = 5000 psi), which are the values from the Phase Il compression
tests, the maximum length allowed for the plate to justify the assumption of uniform stress
is 2.07 inches. The length of the plate that is effective, Iy, is 7.27 inches. The actual
length of the plate was 24 inches. The calculations show that only 30% of the bearing
plate was effective. The maximum length allowable for the assumption of uniform stress
distribution is too small to be of practical value. It is more reasonable to determine the
maximum length for which the plate is effective.

(6.19)

{xy

|

ty

The minimum required thickness for the bearing plate can be determined by relating
the moment at the center of the plate to the allowable bending stress. The moment at the
centerline is

P cosh Bl - cos I
4B sinh B/ + sin Pl

Moo = (6.20)

At B/ = 3, M., = 0.09P/, the moment at the centerline when a uniform stress distribution is
assumed is .125P/, which is approximately 40% larger. Dividing the moment by the section
modulus gives the bending stress. |If the bending stress is set to the allowable the
minimum thickness can be determined as a function of /.

Substituting the minimum thickness into Equation 6.19, the maximum length of the
bearing plate that will be effective can be determined as

E P 0.75
z%=3ﬁf§[ij (6.21)
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and the minimum thickness is

[0.54 Ply
Imin = |7/ ——F
Fyb

where F,, is the allowable bending stress and b is the width of the plate.

Concrete Bearing Stress

The current TxDOT design
procedure sizes the bearing plate
such that the maximum stress on
the concrete does not exceed
0.3f; V(A, / Aq) < 0.6f; where A, is
the area of concrete supporting the
bearing and A, is the area of the
bearing plate. Two tests were
conducted to determine the
bearing strength of a concrete pier
when loaded by a wide-flange
bearing section. The test
specimens are shown in Figure
6.25. In the first test the maximum
nominal bearing stress in the
concrete reached 1.36f. with only
a small hairline crack as the only
sign of distress. The loading had
to be stopped because the wide-
flange section was yielding. For

the second test the length of the bearing flange was cut in half, which results in more stress
on the concrete for the same load. Since some of the length of the bearing flange in the
first test was probably ineffective, the actual stress on the concrete would not change that
much from the first test. In the second test the concrete bearing stress reached 2.85f; with

STIFFENERS

0.5" HYDROSTQONE

W12X230

(6.22)

y

AREA REMOVED
FOR S8ECOND TEST

Figure 6- 25  Bearing strength test specimen

minor cracks around the perimeter of the bearing flange just beginning to form.

recommended that rather than using the allowable stress given above to size the bearing
plate, an allowable stress of 1.0f'. be used to check the concrete bearing stress under the

area /i * b.
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CHAPTER 7
PHASE Il FATIGUE TESTS

71 TEST PROGRAM

7.1.1 Test Vanables

The bridge bearings will be subject to out-of-plane distortion due to horizontal
movements and rotations. The primary horizontal movement is due to contraction and
expansion caused by temperature changes. This movement, however, is not considered
likely to cause fatigue damage. Fatigue damage is caused by the movements and forces
produced by the cyclic live loading of truck traffic. At the pier locations, truck loading
produces rotation about the transverse axis of the cap girder; the center of rotation is
assumed to act at midheight of the longitudinal stringer (Section 4.2.3). Since the bearing
location is not coincident with this point, a horizontal displacement, as well as a rotation,
will be produced at the bearing location. This behavior is shown in Figure 1.9. The
displacement that occurs at the bearing is equal to the product of the rotation and the
distance from the measurement point to the center of rotation.

The maximum stress in
the bearing occurs at the
intersection of the web and the
flange, as shown in Figure 7.1.

d Rolled structural shapes have an
approximate  parabolic fillet

STRESS MEASUREMENT transition from the web to the
LOCATION flange. Stress risers will be

present in this transitional area,
the magnitude of which will

depend on the geometry of the
transition. A sharper transition
7 will produce a larger stress riser.
[ 3\ Fatigue cracks may develop at

k ? k-t } these stress riser locations. The
edges of the fillet are defined by

oot ! n two dimensions, k-ty and ki-t./2.
17w There is not much variation in
these dimensions for the W12
Figure7-1  Location of maximum stress and W14 sections, as given in
the AISC Manual. For the W12

sections, the mean value of k-t; is

.71 inches with a standard deviation of 0.02 inches and the mean value of kq-t,/2 is 0.63
inches with a standard deviation of 0.02 inches. For the W14 sections, the mean value of
k-t; is 0.67 inches with a standard deviation of 0.02 inches and the mean value of kq-t./2 is
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0.63 with a standard deviation of 0.02 inches. The fatigue specimens comprised the same
three sizes that were tested in the compression tests, W12X87, W12X152, and W12X230.
The properties of the specimens are listed in Appendix C.

The objective of the fatigue tests was to determine if a wide-flange section, when
subject to cyclic out-of-plane shear distortion, would exhibit a fatigue life consistent with a
category A detail. The category A detail encompasses details described as "Plain material,
Base metal with rolled or cleaned surfaces" [2]. The allowable stress range is 24 ksi for an
infinite life rating. Since a category A fatigue detail rarely controls the design of a bridge
detail, a classification of the wide-flange section as such would simplify the design
procedure by eliminating the requirement of checking for fatigue. Given that the allowable
stress range for a category A detail for infinite life is 24 ksi, the fatigue specimens were
tested at stress ranges above this value, 30 ksi, 40 ksi, and 50 ksi.

7.1.2 Test Setup

The rotation of the longitudinal stringers at the pier supports causes a horizontal
displacement of the top flange of the bearing. This is in addition to the rotation. If the
bottom flange of the bearing is assumed to be fixed, a conservative assumption, the
displacement and rotation at the top of the bearing will produce a moment

M= %(49 + ZhA— ) where A =y ¢. The second term in the parentheses, the horizontal

displacement term, becomes 6y 6 / h, which will always be greater than the rotation term,

4 6. The larger the value of y, the more dominant the displacement term becomes. For
example, if y = 60 inches and h = 12 inches, the ratio of the displacement term to the
rotation term becomes 7.5, meaning that the horizontal displacement component causes a
stress in the bearing 7.5 times greater than the stress caused by the rotation. Taking this
stress differential into account, a test setup was designed that applied a horizontai
displacement to the specimens. A schematic of the test frame is shown in Figure 7.2 and a
photograph of the frame as constructed in the lab is shown in Figure 7.3.

The individual specimen was twelve inches wide. In most cases, two specimens
were tested simultaneously, located symmetrically above and below the load application
point. The top flange of the upper specimen and the bottom flange of the lower specimen
were bolted to the test frame and were restrained from rotation and displacement. The
bottom flange of the upper specimen and the top flange of the lower specimen were bolted
together, but separated by a one inch thick loading plate. The loading plate was attached
to a hydraulic ram that applied a constant amplitude sinusoidal load. The two specimens
were free to translate, but not to rotate, at the load application point. Some tests were also
conducted with only one specimen in the lower position. These tests were necessary to
produce a 40 ksi stress range in the W12X230 specimens and in the single specimen tests
a rotation as well as a horizontal displacement was produced.

7.1.3 Test Schedule

The schedule for the fatigue tests is shown in Table 7.1. Each test is separated by
a blank row. Ten tests were conducted; two specimens (four fillets) were loaded in six of
the tests and one specimen (one fillet) was loaded in four of the tests. Each fillet is
identified by an alphanumeric code, similar to the code used for the compression tests: the
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BUTTRESS

TEST SPECIMEN  ¢8x11.5
\

LEX6X1/2
LOAD CELL

RAM

6" EXTENSION OF/RYAM

PL13X12X3/4 |

Figure 7- 2 Schematic of test setup for symmetric specimens

Figure 7- 3 Test setup for symmetric specimens
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Table 7- 1 Bearing Specimen Fatigue Test Schedule and Properties

NOMINAL STRESS RANGE

FILLET 30 ksi 40 ksi 50 ksi
FO87UT1D
FO87UB1D
FO87LT1D
FO87LB1D

XX XX
XX XX
XX XX

FO87UT2D
F087UB2D
FO87LT2D

FO87LB2D

X X X X
XXX X

F152UT1D
F152UB1D
F152LT1D

F152LB1D

X X X X

F152UB1S

x

F152uUT2D
F152UB2D
F152LT2D

F152LB2D

XXX X

F152UT3D
F152UB3D
F152LT3D

F152LB3D

XX X X

F230UT1D
F230UB1D
F230LT1D

F230LB1D

X X X X

F230UB1S X
F230LB1S X

F230LB2S X
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first letter, an F, indicates that it is a fatigue test; the next three digits indicate the weight
per foot in pounds of the W12 section; the next two digits give the location of the fillet in
the test specimen; the next digit is a sequence identifier for the section size; the final letter
indicates whether two specimens were tested in the symmetric placement setup, D, or if
the specimen was tested by itself, S. The code is described below:

o X_ _ _ _ ___ . F, fatigue test
« X X X _ _ __ :weight per foot of bearing
s _ _ _ _ X X_ _ :location of fillet subject to tensile stress range

: U, upper specimen; T, top fillet

: L, lower specimen; B, bottom fillet
. X _ :section size test sequence identifier
. ____ X : D, symmetric test setup

: §, single specimen tested

For example, test FO87UT1D indicates a fatigue test with a W12X87 section, the fillet is in
the upper specimen at the top, this is the first test with a W12X87 bearing, and the fillet is
part of the symmetric test setup. The table shows three nominal stress ranges, 30 ksi, 40
ksi, and 50 ksi. An X under one of the headings indicates that the fillet was tested at that
stress range.

7.1.4 Test Procedure

Strain gages were LLLLLLL S LLLLL L LR L ELLL
used to measure the stress |I< | !
ranges at the anticipated I
peak tensile stress locations,
as shown in Figure 7.4. This Ko
location was the point of tan- STRAIN GAGES T < d
gency of the web and the fil- W) [ e
let, or the dimension k from .
the bottom flange. The di- | .o [ ’ | 1t
mension k was the nominal —L | 1" A
value given in the AISC Man- | | — Y

ual. A comparison of the V=P2
¥ \—STRESS GRADIENT

. 3

7
nominal value of k and the

measured value of k for each

specimen is given in Appen-

dix C. An LVDT was used to

measure the displacement of | —
the loading plate.

r//////1 /////////////////I
Prior to each test, the
cross-section  profile was Figyre7-4  Schematic of fatigue test specimens
traced out and the web thick-
ness was measured. The
specimens were then placed in position. Before any of the bolts that secured the speci-
mens to the test frame were tightened, the strain gages were zeroed. This was done so
that any stresses induced in the specimens due to the tightening procedure could be re-
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corded. Once the specimens were secured, static load was applied to record the load-
stress and load-displacement relationships. On completion of one static cycle, the cyclic
load test began.

The constant amplitude, sinusoidal cyclic load was applied by means of a closed-
loop hydraulic system. A load controller was used to define the mean load and the load
range. The load was correlated to the stress range in the static load test. The values were
initially set to the values predicted by the static load tests, and then adjusted until the
stress range, as recorded by the strain gages, was obtained. The load range was then
checked to see that it produced the theoretical stress range The minimum load was set to
produce a minimum stress of approximately +4 ksi for the fillets in tension. The load
frequency varied from 3.0 Hz to 4.5 Hz and the number of cycles was recorded by a
counter. Limits were placed on the load so that the system would turn off if a limit was
exceeded. A fatigue crack typically activated the limit mechanism. If no fatigue crack
occurred at 2 million cycles, the specimens were loaded to a 4 million cycle limit. If no
fatigue crack occurred at the 4 million cycle limit, the stress range was increased and
loading continued at this
higher stress range untl a 25
failure occurred.

20 —B—W12X230

[- —A—W12X152

7.2 TESTRESULTS % e
<
7.2.1 Flexural Stiffness of & '°

Specimens

Prior to each fatigue
test, the flexural stiffness of
the specimen was determined.
The flexural stiffness was
defined as the |lateral
deflection of the loading plate
divided by the shear load. For
the symmetric test setup, the
shear load was defined as one-half of the applied load. A schematic of the system is
shown in Figure 7.4. Each specimen was modelled as a beam that was fixed at one end
and fixed but free to translate at the opposite end. For these end conditions, the flexural
stiffness is

—

0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14
DISPLACEMENT (inches)

Figure 7- 5 Shear vs. displacement for symmetric test
setup

7.1)

where b is the width of the specimen, t, is the average thickness of the web, and h is the
depth of the web. The average shear vs. deflection curves for the three specimen sizes
are shown in Figure 7.5. The height of the web can be considered as bounded between
the height T = d-2k and the height d-2t; where d is the depth of the specimen. If the
experimental stiffnesses are substituted into Equation 7.1, the effective depth of the web,
hesr, can be solved for. A comparison of the effective height and the bounds given above is
shown in Table 7.2. The measured values of T compare well with the nominal value of T
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Table7-2  Effective Depth of the Web given in the AISC Manual,
P which is 9.5 inches. The

effective depth of the web is
closely approximated by the

SIZE h=T h=d-2tf | h = heff| % DIFF depth d-2t;. The percent
(measured)| (measured)| Eq. 7.1 difference between these two

(inches) | (nches) |(nches)|hefl, d-2tf depths is shown in the last

W12X87 9.61 10.89 10.12 7.06 column of the table. The
W12X152|  9.42 11.00 ( 11.06 [ -0.56 W12X87 specimens were stiffer
W12X230] 9.63 1082 | 11.99 [ -10.81 than calculated. the W12X152

specimens matched almost

exactly, and the W12X230
specimens were more flexible than calculated. The difference between the actual
stiffnesses and the calculated stiffnesses can be attributed to two primary causes:

1. Increased web thickness at fillets: This would tend to increase the flexural
stiffness of the web because the fillet is ignored in the calculation.

2. Rotational flexibility of supports: It is assumed in the calculation that the
supports are restrained from rotation. The web is actually supported by an
elastic support (the flange) and the test frame cannot provide perfect rigidity.

The difference in stiffness for the W12X87 specimens is probably due to cause 1.) and the
difference in stiffness for the W12X230 specimen is due primarily to cause 2.).

7.2.2 Comparison of Calculated and Experimental Stresses

Strain gages were placed on the specimens at the intersection of the web and the
fillet to determine if the experimental dynamic stress readings were comparable to the
calculated stresses. The calculated stresses were determined as

M _6V(T/2

fcalc = S b tw2

(7.2)

where T is the nominal value given in the AISC Manual. The comparison of the calculated
and experimental stress readings for all of the fillets that were gaged are shown in Figures
7.6 to 7.8. The mean ratio and the bounds of the ratio for each size are shown in Table
7.3. The maximum difference between the calculated and experimental stress readings is
27% and the mean difference varies between 1% and 11%. The primary error is due to the
strain averaging property of a strain gage. A strain gage measures strain over a finite
length and the output of the gage is the strain measured over this length. It is not possible
to measure the strain at one point, nor is it possible to pick up a peak stress. The smaller
the length of the strain gage, the more accurate the measurement will be. The length of
the strain gages was 0.125 inches.
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fcalc / fexp

a 2 a8 o0 g g8 g8 8498
o o 2 o o
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FILLET # : W12X87

Figure 7- 6 Ratio of calculated to experimental stress at fillet, W12X87

1.40—[
1.20 4
a1.00-
3
« 0.80 4
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%0.60--
“ o404
0.20 -
0.00 -
oo o 08988888 § 2
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5 5 4 4 53 3 4 4 53 3 4 a4 >

FILLET # : W12X152

Figure7-7 Ratio of calculated to experimental stress at fillet, W12 x 152

11

uT1D uB1D LT1D LB1D LB1S uB1s
FILLET # : W12X230

fcalc / fexp

Figure 7- 8 Ratio of calculated to experimental stress at fillet, W12 X 230
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Table 7- 3

Stress at Fillet

WA12X87| W12X152| W12X230
MEAN RATIO| 1.11 0.99 1.07
MAXRATIO 1.27 1.11 1.25
MIN RATIO 1.03 0.86 0.98

Table 7- 4 Fatigue Test Results

NOMINAL Sr 30 40 50

Sr{ N|Sr| N]Sr| N

ID ksi| *IM| ksi | *IM | ksi | *IM

FO87UTID 37 4 47 2 59 0.52
F087UB1D 37 4 47 2
FO87LTiD 37 4 47 2
FO87LB1D 37 4 47 2
FO87UT2D 41 4:
FO87UB2D 41 4 52 0.58
FO87LT2D 41 4
FO87LB2D M 4
F152UT1D 29 2.8
F152UB1D 29 2.8
F152LT1D
F152LB1D
F152UB1S 33 41
F152UT2D
F152UB2D 43 1.3
F152LT2D
F152LB2D
F152UT3D 44 0.69
F152UB3D 43 0.69
F152LT3D
F152LB3D
F230UT1D 31 549
F230UB1D 32 549
F230LT1D 32 549
F230LB1D 32 549
F230UB1S
F230LB1S 42 4.1
F230LB2S :

Ratio of Calculated to Experimental
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7.2.3 Fatigue Life

The results of the fatigue tests
are shown in Table 7.4. The top row
shows the nominal stress range in
kips per square inch. The calculated
stress range, S,, and the number of
cycles to failure, N, are given for each
filet. Each group of fillets that was
tested simultaneously is separated by
a dotted line. For each group of fil-
lets, either one or more fillets failed or
no fillets failed. Those that failed are
shaded. A Y superscript indicates
that the maximum stress in the stress
range exceeded the yield strength of
the material. The results are shown
graphically in Figure 7.9 as a log-log
plot of the stress range vs. the num-
ber of cycles to failure. One data
point represents the results from each
group of fillets. The data points for
the fillets that did not fail are accom-
panied by an arrow. Superimposed
on the graph is the equation for the
category A detail. In all cases, the
experimental data points lie above the
category A boundary. The data
points for the tests in which only one
specimen was tested are indicated by
an °. The results do not seem to be
influenced by the test configuration.

In all cases, the crack initiated
at some point within the center two-
thirds of the web. There was usually
more than one crack initiation site and
typically more than one crack plane.
Schematics of the crack planes and
crack surfaces of some of the failed
specimens are shown in Figure 7.10.
The cracks usually occurred just
above or just below the anticipated
cracking plane (at distance k from the
outer surface of the flange) and the
crack propagated as an ellipse, as
shown by the shaded areas. In some
cases the crack was visually observed
before the loading system shut down.



The specimens typically went
through a few hundred
thousand cycles from the time
—a the crack was observed to the
time it propagated through
most of the thickness of the
= web or to the edge of the
specimen. The fatigue life of
a cracked specimen was
:mx; taken either as the cycle count
e W12X230 at the time the crack was
| visually observed or the last
01 ] 2 3 ase 1 Observed cycle count before
CYCLES TO FAILURE (millions) the system shut down (this
was usually the case if the
Figure 7-9  Stress range vs. number of cycles to failure ~ SPecimen failed during the
night). There is not much
apparent difference in the
performances of the different sections, though the W12X87 sections had longer fatigue
lives for higher stress ranges than the other two sections. This may be because the size of
the fillet, which has dimensions (ki-t./2, k-t) that are larger than the web thickness,
provides a smoother transition from the web to the flange and therefore has a smaller
stress concentration. There was, however, no apparent stress concentration produced by
the fillet transition, as shown by a thermoelastic stress analysis of the fillet in Figure F.6 in
Appendix F. It should also be noted that all of the W12X87 and W12X152 specimens that
failed had a peak stress above the yield stress. Photos of some of the cracked specimens
are shown in Figure 7.11.
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7.2.4 Notched Specimens

The fillet provides a rather smooth transition from the web to the flange. To
determine the effect on the fatigue life of a sharp transition, the fillets of two W12X87
specimens were machined out, as shown in Figure 7.12. This produced a sharp right
angle transition from the web to the flange. The specimens were placed in the symmetric
test setup and three stress ranges were tested. The specimens were first loaded to
produce a calculated stress range of 38 ksi at the intersection of the web and flange. A
crack formed at the intersection of the web and flange at the upper transition in the lower
specimen (tension side) at 113,000 cycles. The crack extended almost the full width (12
inches) of the specimen. This cracked web and flange intersection was then reinforced
with a fillet weld (no cracking ever occurred at the weld locations) on both sides of the web
and the specimen loaded to produce a stress range of 10 ksi. No crack formed at any
web-flange intersection at 4 million cycles. The stress range was increased to 20 ksi and a
crack subsequently formed at the intersection of the web and flange at the bottom of the
lower specimen, at 2.1 million cycles. The results of the test are plotted in Figure 7.13;
also shown are the results from the previous tests and superimposed on the graph is the
curve defining the category C detail, which specifies an allowable stress range of 10 ksi for
infinite life. The data from the notched specimen tests fall close to and above the curve for
the category C detail.
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Figure 7- 10 Schematics of crack surfaces
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Figure 7- 11  Photos of cracked specimens
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Figure 7- 12  Notched specimen detail
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CHAPTER 8

PHASE Il LARGE SCALE TESTS

8.1 TEST PROGRAM
The large scale tests for
Phase |l comprised transverse
and longitudinal direction tests
with two sets of bearings, the
W12X87 and the W12X152.
The objectives of the large scale
tests were to determine the be-
havior of the new connection
detail in the two directions and to
observe the effect of the differ-
ent bearing sizes and different
anchor bolt configurations on the
behavior. Three configurations
of the anchor bolts were tested;
no anchor bolts, the anchor bolts
hand-tight, and the anchor bolts
pretensioned.

8.1.1 Test Schedule

The tests were divided into two categories; transverse
longitudinal direction tests. The test schedule is shown in Table 8.1. Each is identified by

Table 8- 1 Full Scale Tests Schedule

BRACE |

TEST TYPE |BEARING|PT/bolt] DISTANCE

(kips) | (inches)

RO870040 |Rotation W12X87 40 -
TO8700 [Transverse] W12X87 - -
T08780 |Transverse] W12X87 80 -
R1520000 JRotation W12X152 - -
R1520001 JRotation W12X152 1 -
R1523400 JRotation W12X152 - 34
R1523401 JRotation W12X152 1 34
R1520080 jRotation W12X1521 80 -
R1523480 {Rotation wi1z2x152| 80 34
T15200 |Transverse| W12X152 - -
T15201 Transverse| W12X152 1 -
T15280 |Transverse] W12X152] 80 -

an alphanumeric code that is described below.

direction tests and

e X_ . ___ : T, transverse direction test
. R, longitudinal direction test

o X X X _ _ __ :weight per foot of bearing

s _ _ _ X X _ _ :brace distance above bottom flange for R tests, inches
: 00 indicates no lateral brace

. ___ X X: pretensioning force per anchor bolt, kips

A dash in the table indicates either that the anchor bolts were not engaged or that no
lateral brace was used. A value of 1 in the PT/bolt column indicates that the anchor bolts

were hand-tight.



8.1.2 Test Setup

A schematic of the test setup for the
transverse direction tests is shown in Figure
8.1. and a photo is shown in Figure 8.2. A
schematic of the longitudinal rotation test
setup is shown in Figure 8.3 and a photo is
shown in Figure 8.4. The details of the con-
nection are shown in Figure 8.5. There are
three major changes in the configuration of
the Phase Il setup as compared with the
Phase | setup. The first change is that the
end load for the transverse direction tests is
applied downward rather than upward as in
Phase |. This models more correctly the load
situation that occurs in practice. This first
change necessitated the second change, the
design of the pier column and foundation.
The load levels required in Phase Il were

LOAD

PIER CAP

PIER COLUMN
iy o 2

L 11

|| TEST | | FLOOR || |_l

Figure 8- 1

Schematic of transverse di-
rection test setup

much larger than those in Phase |, so the foundation was designed to engage two sets of
test floor anchorages instead of one. The uplift force that could be applied to the system
was 500 kips, which required a lengthening of the column section of the pier from one foot
to two feet so the vertical column steel could be developed. The third major change was
the orientation of the truss system that simulated the longitudinal girder. The truss was

STEEL BENT CAP

Figure 8- 2 Transverse direction test setup
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34"

< 3

LOAD g

Figure 8- 3 Schematic of longitudinal direction test setup

Figure 8- 4 Longitudinal direction test setup
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turned upside down so that the load could be 1 [E
applied upward. This was done to simplify INCLIGRMETER

the loading fixture and to use the reaction N<—

wall as a bracing element.

<< / T-GAGES\

Two types of longitudinal direction )
tests were conducted. In the first set of tests, §
all of the lateral bracing was removed; the =
center of rotation was at the bottom flange of '

ﬂ]POTﬁ POT#2 Tpows ?07#4 POT ﬂ]
- 86.5
168

=1

INCLINOMETER
oT

the bearing. In the second set of tests, a

9.5
lateral brace was placed 34 inches above the {ow 3

57.5"

bottom flange of the cap girder; this
simulated the center of rotation for the longi- *
tudinal girder rotating about its neutral axis.

Figure 8- 6 Location of instrumentation

8.1.3 Instrumentation

NORTH 1.50" - W12X87
The instrumentation used in the tests < 225" - Wi2x1s2

comprised strain gages, linear | . I_r

potentiometers, and servo and digital

inclinometers. The loads were measured GAGES ON

using both load cells and a pressure BOTH SIDES

transducer. Whitewash was used on the \

W12X87 bearing specimens. | ' I

The strain gages were located on the | | |
cap girder, the bearings, the anchor bolts, o 12" 24"
and the hold-down bolts. The gages on the
cap girder are shown in Figure 8.6. The Figure8-7  Location of strain gages on
purpose of these gages, which were T- bearings
gages, was to determine if the cap girder
web was significantly stressed from the web flexure caused by longitudinal rotation. The
gages on the bearings, shown in Figure 8.7, were used to determine the axial and bending
stresses in the bearings. The gages on the anchor bolts were used to determine the forces
in the anchor bolts. Two gages were placed opposite one another on the flat portion of the
threadbar. Prior to use, one threadbar was calibrated to correlate strain and load.
Subsequent testing proved the load obtained from the strain readings to be within a few
tenths of a percent of the actual load.

The linear potentiometers were used to measure the bottom flange vertical and
horizontal deflection of the cap girder. For the transverse loading tests, the pots were used
to measure vertical deflection at the same position as the pots used in Phase I. Only one
pot per location, however, was used in Phase Il. Linear potentiometers were used to
measure horizontal deflection of the bottom flange of the cap girder for the longitudinal
rotation tests, as shown in Figure 8.8.
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INCLINOMETER ON TOP FLANGE

The inclinometers were used to
measure the transverse and longitudinal
rotations of the cap girder. The servo
inclinometers were placed on the top and
bottom flanges of the cap girder, centered

INCLINOMETER AT WEB CENTERLIN between the bearing connections. A

W <—

Figure 8- 8

y INCLINOMETER ON CROSS-PLATE

| INCLINOMETER ON BOTTOM FLANGE

&
|—L-|:|-' LINEAR POT

Location of inclinometers

digital inclinometer was placed at the
center of the clip angle that connected
the truss to the cap girder web and also
on the horizontal cross plates of the two
connections.

8.1.4 Test Procedure

Plumbing the Cap Girder

For the x087xxxx tests, the bear-
ings and the anchor bolts were erected
prior to the cap girder. For the x152xxx

tests, the bearings were bolted to the cap girder before erection and the anchor bolts were
placed after erection. An overhead crane was used to position the cap girder on the pier.
Screw jacks were placed between the connections and near the load application point to
support the girder for the plumbing operation. The cap girder was leveled horizontally
along the axis by adjusting the height of the screw jacks and was plumbed vertically by
selective tightening of the anchor bolts (x087xxxx tests) or the hold-down bolts (x152xxxx
tests). A gap of approximately 3/4" was left for the grouting material. Dry pack grout was
used to level the x087xxx cap girder and hydrostone was used to level the x152xxx cap

girder.

Figure 8- 9

_h l/--- REAGTION WALL

Bracing scheme

PLAN VIEW

| AT COMPRESSION
CONNECTION

-~ AT LOAD POINT

Bracing the Cap Girder

The cap girder was braced to a
reaction wall by four steel braces. The
braces were pinned at both ends and located
at the top and bottom flanges of the cap
girder both at the load application point and
at the north connection. The bracing scheme
is shown in Figure 8.9. The braces were
used for the transverse direction tests but
were disconnected for the longitudinal
rotation tests. A brace was added for the
x162xxx tests; its purpose is explained
below.
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Tightening the Hold -Down Bolts

The hold-down bolts are the bolts that secure the bearing plates and the bottom
flange of the bearing to the pier cap. These bolts were tightened using the turn-of-the-put-
method, snug plus 1/4 turn. All of the bolts were tightened to the snug condition before the
final tightening took place.

Tensioning the Anchor Bolts

The anchor bolts were tensioned using a hydraulic ram. A schematic of the ten-
sioning assembly is shown in Figure 8.10. The anchor bolt extended past the nut ap-
proximately four inches. A tensioning coupler
was threaded onto this extension and onto a
pull rod. The pull rod extended through a PULLROD
hole in the top flange of the cap girder and /—LOAD CELL
through a center-hole ram. A 100 kip load

.~ HYDRAULIC RAM
-

cell was placed on top of the ram and a nut
and anchor plate were the reacting mecha- TENSIONING COUPLER

nism of the pull rod. Before the tensioning D {/SPACEF

.

began, all of the anchor bolts were tightened,
by hand, to the snug condition. Each of the
anchor bolts was tightened to the suggested
working load of 0.66 f,, Ay [7], which in this J g |

case was 80 kips per bolt. The bolts in each
bolt group were first tightened to 40 kips and
then to the 80 kip working load. The tension-
ing process for each bolt comprised three
stages: 1) tension the bolt to its target value
plus fifteen percent; 2) tighten the nut; 3) re-
lease the load. Data were recorded at each
stage. Overtensioning in stage one coun-
tered the seating loss from the stage two
process. The cap girder was braced during
the tensioning.

B qlE

Transverse Direction Tests Figure 8- 10 Tensioning assembly

The load was applied in increments

such that 10 to 15 data readings could be taken before nonlinear behavior began. Each
load step lasted approximately 30 seconds. Once the desired load level was reached, a
needle valve in the hydraulic line was closed to maintain the pressure in the ram. After five
minutes, the data scan was made. For the tests in which the anchor bolts were
pretensioned, the specimen was taken to failure; the test was stopped when deflection at
the load point increased with no increase in load. For the tests in which the anchor bolts
were not pretensioned, the test was stopped before yielding of the bearing specimens
began.
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Longitudinal Direction Tests

The load was applied in increments such that 5 to 10 data readings could be taken
before the strain gages on the cap girder web indicated yielding. In most cases, two cycles
of loading were applied.

8.2 TEST RESULTS

8.2.1 Pretensioning Forces

The anchor bolts were tensioned using two different tightening sequences. The
sequences are shown in Table 8.2. The tightening sequence used for the W12X87
bearings required a retensioning of the first anchor bolt after all eight bolts were tightened.
The first bolt tensioned lost approximately 10% of its initial pretension force. The final
pretension force in each bolt is shown in Figure 8.11 for the W12X87 bearings and in
Figure 8.12 for the W12X152 bearings. The average pretension force per bolt was 80 kips
for both sets of bearings, the target value. Each bolt was initially tensioned to a force
greater than the target value to counter the loss that would occur due to the lock-off

Table 8- 2 Anchor Bolt Tightening Sequence

2 4 6 8
N e o° e o
«—
e o e O
1 3 S 7
[ORDER W12X87 BEARINGS W12X152 BEARINGS
BOLT # FORCE BOLT # FORCE
1 1 40 3 40
2 3 40 4 40
3 4 40 1 40
4 2 40 2 40
5 5 40 8 80
6 7 40 7 80
7 8 40 5 80
8 6 40 6 80
9 1 40 2 40
10 1 80 1 40
11 3 80 3 40
12 4 80 4 40
13 2 80 6 80
14 5 80 5 80
15 7 80 7 80
16 8 80 8 80
17 6 80 - -
18 1 80 - -
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Figure 8- 11  Pretension force per bolt, W12 X 87 bearings
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Figure 8- 12  Pretension force per boltf, W12 x 152 bearings
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procedure. The percentage loss due to lock-off for Table 8- 3 Percent Loss in Pre-

each bolt is shown in Table 8.3. The average loss tension Force Due to
per bolt was approximately 12%. Lock-Off
8.2.2 Longitudinal Direction Tests |__%LOSS
BOLT #|W12X87]W12X152
Moment vs. Rotation Behavior 1 12.7 14.5
2 12.5 13.6
The primary purpose of the longitudinal 3 13.3 10.2
rotation tests was to determine the stiffness of the 4 11.2 10.4
connection as it relates to the rotation caused by 5 10.2 12.7
vehicle live load. The moment vs. rotation curves of 6 13.2 10.7
the different configurations of the connection with 7 12.3 13.2
the W12X152 bearings are shown in Figures 8.13 to 8 11.1 10.2
8.18. The results are not shown from the one AVG | 121 11.9

rotation test conducted on the connection with the

W12X87 bearings; its behavior was qualitatively similar to that of the connections with
W12X152 bearings. Figures 8.13 to 8.15 show the results for the tests in which the lateral
brace was not present, referred to as Center of Rotation (CoR) = 0". The results for the
tests in which the lateral brace was present, referred to as CoR = 34", are shown in Figures
8.16 to 8.18. For each group, three sets of results are shown; the first graph in each
group shows the moment vs. rotation curves for the connection in which the anchor bolts
were not engaged, identified as (0) anchor bolts (the term engaged will refer to anchor
bolts that resist the rotation of the cap girder); the second graph in each group shows the
moment vs. rotation curves for the connection in which the anchor bolts have been
tightened to a snug condition, identified as (1) anchor bolts; the third graph in each group
shows the moment vs. rotation curves for the connection in which the anchor bolts are
pretensioned, identified as (2) anchor bolts. In each graph, the moment vs. rotation
behavior at four locations on the structure is shown. These locations are the top flange,
the bottom flange, at the web centerline, and at the north connection cross plate. The
applied moment is the product of the end load and its distance to the cap girder web, 96
inches. The rotation is given in milliradians.

The plots show that the rotation is a linear function of the applied moment. The
stiffness of each connection is given by the slope of the moment vs. rotation curve. For the
connection in which the anchor bolts are not engaged, only the out-of-plane fiexural
stiffness of the bearing resists the rotation. The slope of the curve is relatively flat. When
the anchor bolts are hand-tight, the anchor bolts on the west side of the web resist the
rotation while those on the east side do nothing. The stiffness of the connection increases,
as shown by the increase in the slope. For the connection in which the anchor bolts are
pretensioned, all of the anchor bolts resist the rotation and this connection is the stiffest.
The connection stiffness increases considerably when the center of rotation is moved up
into the web. An extra restraining element is introduced into the connection, the out-of-
plane shearing stiffness of the bearing (see Section 4.2.2, Bearing and Pier Column). The
rotations at the top flange and at the web centerline are essentially the same, as are the
rotations at the cross plate and the bottom flange. The top flange is connected only to the
web, since the bearing stiffeners are half-depth; it follows the rotation of the top half of the
web. If the web was perfectly rigid, the rotation at every point along the depth of the girder
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Figure 8- 14 Moment vs. rotation, (1) anchor bolts, CoR = 0"
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Figure 8- 15§  Moment vs. rotation, (2) anchor bolts, CoR = 0"
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Figure 8- 16 Moment vs. rotation, (0) anchor bolits, CoR = 34"
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Figure 8- 17 Moment vs. rotation, (1) anchor bolts, CoR = 34"
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Figure 8- 18 Moment vs. rotation, (2) anchor bolts, CoR = 34"
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Table 8- 4 Longitudinal Rotational Stiffness of Connection

ROTATIONAL STIFFNESS (inch-Kips per radian)

TEST |BOTTOM FLANGE|CROSS PLATE|WEB CLITOP FLANGE]
R1520000 6,500 8,040 8,290 6,520
R1520001 25,000 24,600 15,000 13,800
R1520080 59,500 60,900 23,900 20,300
R1523400 -275,000 - 172,000 | 123,000
R1523401 -275,000 - 174,000 | 128,000
R1523480 -385,000 -953,000 160,000 | 223,000
RO870040 50,300 - - 18,040

would be the same as that point about
which the web rotates, the center of
rotation. The rotational stiffnesses of
the different configurations are shown
in Table 8.4. The negative sign for
the stiffnesses of the CoR = 34" tests
indicates that the rotation was in the
direction opposite to the direction of
the applied moment. This "negative
rotation" occurred because the
stiffeners did not extend the full depth
of the web. Shown in Figure 8.19 is
Figure 8- 19 lllustration of negative rotation an illustration of the behavior. If no
stiffeners were present the bottom
flange would rotate in a counterclockwise, or negative direction. If the stiffeners extend
through the full depth of the web, all of the points along the depth must rotate in the same
direction, which is clockwise or positive because that is the sense of the applied moment.
Because the stiffeners of the detail only extend through half the depth of the web, the
behavior will fall between the two extremes and in this case the bottom flange rotates
counterclockwise, or in the negative direction.

-

]

= — —

NO STIFFENERS STIFFENERS

Distribution of Moments

The applied moment is resisted by both the anchor bolts and the bearings. The
amount of moment that is resisted by each is proportional to its stiffness. Figures 8.20 and
8.21 are graphs of the moment resisted by the anchor bolts and bearings vs. the applied
moment at CoR = 0". If the anchor bolts, or the bearings, were the only resisting element,
the slope of the curve would be one, i.e. the resisting moment would equal the applied
moment. This relationship is represented in the graphs by the heavy solid line. A curve
below this line indicates that the resisting moment is some fraction of the applied moment.
Except for the case in which no anchor bolts are engaged, the bearings resist a smaller
percentage of the applied moment than do the anchor bolts. The fraction of the applied
moment that the bearings and anchor bolts resist is shown in Figure 8.22. For the
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connection in which the anchor bolts are not engaged, the applied moment is resisted
solely by the bearings. The moment in the bearings, which was constant along the depth
of the bearing web, was calculated using the strain gages located at the top and bottom of
the web. The moment calculated using the experimental stress readings was 7% greater
than the applied moment. For the connection in which the anchor bolts were snugged, the
anchor bolts on the west side of the web were engaged, and the bearings resisted 35% of
the moment and the anchor bolts resisted 69% of the moment, with the sum 4% greater
than the applied moment. When the anchor bolts are pretensioned, the anchor bolts on
both sides of the web are engaged and the stiffness of the anchor bolt system increases.
This is confirmed by the experimental data. The moment resisted by the anchor bolts
increased to 89% and the moment resisted by the bearings fell to 12%, with the sum equal
to the applied moment. Also shown are the results from the connection with the W12X87
bearings. The W12X87 bearing is much more flexible than the W12X152 bearing and as a
result resists a much smaller fraction of the applied moment.

It is more difficult to calculate the resisting moments using experimentally
determined values for the connection with the center of rotation at 34 inches. Though the
anchor bolt moments may still be easily determined, the bearings resist the moment
through rotation and horizontal shear. The horizontal shear mechanism of the bearings
(Section 4.2.2) produced a rotational stiffness much greater than the rotational stiffness of
the anchor bolts and as a result the anchor bolts resisted less than 5% of the anchor bolt
moment for all connection configurations {R1523400 [(0) anchor bolts] - 0%, R1523401 [(1)
anchor bolts] - 3%, R1523480 [(2) anchor bolts] - 4%]}.

Cap Girder Web Stresses

The web stress vs. rotation curves are shown in Figures 8.23 and 8.24. Six curves
are shown for each of tests (CoR = 0" and CoR = 34"). The label PAR indicates the stress
parallel to the long axis of the cap girder; the label PRP indicates the stress perpendicular
to the long axis of the cap girder. The stresses are the averages of the values from the
north and south groups of gages. The curves show that for CoR=0" the web stresses at
the stiffener termination point increase with an increase in the number of anchor bolts
engaged. This is due to the increase in the rotational stiffness of the anchor bolt system.
The difference between the rotation at the web centerline and the cross-plate increases
and so does the stress, as illustrated in Figure 8.23. The finite element analyses of the cap
girder web subject to longitudinal rotation described in Section 4.2.4 showed the same
trend. The web stress was not as sensitive to the rotational stiffness of the anchor bolt
system for the CoR=34" tests. The stress, however, was larger for the same rotation as
compared with the CoR=0" tests; at a rotation of 0.003 radians, the web stress at the
stiffener termination point approached 10 ksi, which suggests that this area of the web may
be susceptible to distortion-induced cracking (see Section 4.2.4). This problem could be
eliminated by extending the stiffener the full depth of the web.
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Figure 8-23 Web stress vs. web centerline rotation, COR = 0"
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Figure 8- 24 Web stress vs. web centerline rotation, CoR = 34"
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8.2.3 Transverse Direction Tests

Moment vs. Rotation Behavior

The moment vs. rotation curves
for the transverse direction tests are
shown in Figures 8.25 and 8.26. The
curves show that the rotational stiffness
of the connection system increases when
the anchor bolts are pretensioned. For
the connections with no anchor bolts
(Txxx00), the bearings provide the resis-
tance to rotation. When the anchor bolts
are engaged but not pretensioned
(Txxx01) the stiffness increases slightly.
The connection system is at its stiffest
when the anchor bolts are pretensioned.
The rotation is primarily a function of the
vertical deflection at each bearing. As
was shown in Section 1.2.1 no significant
deflection will occur in a pretensioned
connection until the pretension force is
overcome. The flattening of the moment
vs. rotation curves for the pretensioned
connections (Txxx80) is due primarily to
the decrease in depth of the compression
bearing as it failed. The rotational stiff-
ness of the connection systems in the
linear range are shown in Table 8.5.
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8-25 Moment vs. rotation, transverse
direction, W12 X 87
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8-26 Moment vs. rotation, transverse

direction, W12 X 152

Table 8- § Transverse Rotational Stiffness
TEST ROTATIONAL STIFFNESS (in-kips per radian)
W12X87 BEARINGS W12X152 BEARINGS
Txxx00 3,250,000 6,000,000
Trxx01 - 8,000,000
Txxx80 8,850,000 15,200,000
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Distribution of Bolt Forces and Pier Reactions

The statics of the cap girder
are shown in Figure 8.27. The dead
load of the cap girder was ignored. 8'
The reaction force for the uplift con-
nection is tensile and is defined as 2P
where P is load applied at the end of
the cap girder. The reaction force for
the compression connection is com-
pressive and is defined as 3P. The — — 1 — 111 —
distribution of bolt forces and pier re- l = parlta
actions for the tests with the preten- N<— CbMpREssm UPLIFT ‘
sioned connections (T08780 and P BEARING BEARING
T15280) are shown in Figures 8.28
and 8.29. The individual data points R~
are not shown. Each graph presents
the data from both connections. The Fiqure 8-27  Connection statics
behavior of the uplift connection is
represented by the curves to the right
of zero, the heavy solid lines. The behavior of the compression connection is represented
by the curves to the left of zero, the heavy dashed lines. The curves above zero show the
response of the bolt group force as a function of the reaction force and the curves below
zero show the response of the pier reaction as a function of the reaction force.
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The pretension force in all of the bearings was approximately 310 kips. As load
was applied to the end of the girder (P in Figure 8.27), the pier reaction decreased for the
uplift bearing (heavy solid curve below zero) and increased for the compression bearing
(heavy dashed curve below zero) in almost direct proportion to the reaction force (A in
Figure 8.27). Note, however, that the change in the bolt group force (heavy curves above
zero) was very small for the same increase in the reaction force. This behavior illustrates
the great advantage of a pretensioned connection over a connection that is not
pretensioned. For example, if the uplift bearing was not pretensioned, the bolt group would
resist the entire reaction force (shown by the light dashed curve); a change in the reaction
force of 250 kips would mean a change in the bolt group force of 250 kips. The actual
change in the bolt group force for the same change in reaction force, however, was only 35
kips for the pretensioned connection (heavy solid curve), a decrease of over 600%.

Uplift did not occur in the test with the W12X87 bearings, illustrated by the
termination of the curve before it reached the B (bolt group force) = A (reaction force) line;
the compression bearing failed first. Uplift did occur in the test with the W12X152 bearings.
The bolt group, however, did not resist all of the applied load once uplift occurred; unlike
the Phase | bearing, which can only resist compression, the Phase Il bearing provides a
positive connection to the pier cap and resists tension. The uplift is resisted by both the
anchor bolts and the wide-flange bearing.

The bolt group force for the compression bearing decreased slightly with an

increase in the applied compressive load. The decrease was linear for the test with the
W12X152 bearings; the failure of the bearing was not accompanied by a large decrease in
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height. The failure of the W12X87 bearing was accompanied by a significant decrease in
height and as a result the bolt group force decreased more rapidly toward the end the test.

The equations for the linear portions of the curves, obtained by a least squares fit of
the data, are shown below, where B is the bolt group force, R is the pier reaction, and A is
the reaction force (A = 2P for the uplift bearing and A = -3P for the compression bearing).
These equations will be analyzed in the following section.

Uplift Bearing, Bolt Group Force vs. Applied Tensile Load

B =306+ 0104 WI12X152 Bearings

) 8.1)
B =305+ 0104 WI12X87 Bearings
Uplift Bearing, Pier Reaction vs. Applied Tensile Load
R = -301 + 0804 WI2X152 Bearings
. (8.2)
R = -305 + 0904 WI2X87 Bearings
Compression Bearing, Bolt Group Force vs. Applied Compressive Load
B =309 + 0.0774 WI12X152 Bearings
B = 321 + 0.20A4 WI12X87 Bearings (83)
Compression Bearing, Pier Reaction vs. Applied Compressive Load
(8.4)

Stress Distribution in Bearings

The load in the compression bearing is the sum of the pretension load in the bolts
and the reaction from the load applied at the end of the cap girder. The resultant of the
compressive load produced by the anchor bolts coincides with the centerline of the bearing
and should therefore produce a fairly uniform distribution of stress along the length of the
bearing. The reaction produced by the applied load will not be concentric with the bearing,
producing a non-uniform distribution of stress. Strain gages were placed at three locations
along the top and bottom of the bearing to measure the stress distribution. Typical stress
distributions are shown in Figure 8.30 to 8.33. The vertical axis shows the strain gage
stress fyy (at the center the average of the two gages was used) normalized to the nominal
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Figure 8- 30 Normalized stress at top gages vs. nominal web stress, W12X87.
Compression bearing with pretensioned anchor bolts
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Figure 8- 31 Normalized stress at bottom gages vs. nominal web stress,
W12x87. Compression bearing with pretensioned anchor bolts.
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Figure 8- 32 Normalized stress at top gages vs. nominal web stress, W12X87.
Compression bearing, no pretension
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Figure 8- 33 Normalized stress at bottomn gage vs. nominal web stress,
W12x87. Compression bearing, no pretension
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stress f,, which is the compressive load in the bearing divided by the web area. The
horizontal axis shows the nominal stress f, normalized to the transverse direction yield
stress F,. The stresses are shown for three locations: at the north end of the bearing, 0
inches; at the center of the bearing, 12 inches; and at the south end of the bearing, 24
inches. The plots apply to the tests using the W12X87 bearings. The results show that the
normalized stress at each location remains fairly constant at the 12 inch and 24 inch
locations. The only deviation from this generalization occurred for the stress at the north
top of the bearing. At the 0 inch location at the top the stress increased with an increase in
load until a certain point and then began dropping. This indicated a redistribution of the
stress from the north end of the bearing towards the south end.

250 - | Comparison of the av-
295 i 4 8708700 erage normalized strain gage
0T08780 .
2.00 + stresses at the three locations
175 ¢ | for the tests in which the an-
1.50 + | chor bolts were pretensioned
< 1251 and the tests in which the an-
JF 100+ | chor bolts were not preten-
0.75 1 sioned are shown in Figures
050 1 | 8.34 and 8.35. The stress was
025+ .H | maximum at the north end of
0.00 - ' ' the bearing in all cases and
025L o 12 24 0 12 4
TOP BOTTOM decreased toward the south
DISTANCE ALONG BEARING (inches) end. The difference between

the north end stress and the
south end stress was most ex-
treme for the tests in which the
anchor bolts were not preten-
sioned. Pretensioning the an-
chor bolts tended to lessen the
difference in the stresses at

Figure 8- 34 Average ratio of gage stress to nominal
stress (T, /T,), W12 x 87

250 +

225 1 the three locations; the con-
200+ wT15000 centric compression force pro-
175+ BT15201 duced by the anchor bolts
150 | [T15280 mitigated the non-uniform
“ 125+ stresses of the eccentric com-
B 1004 pression reaction produced by
075 |

the applied load. In the actual
bearing the dead load reac-
tions should perform a function
similar to the pretensioned an-
chor bolts and produce a rela-
tively uniform stress distribu-
tion.

0.50 +
0.256 +
0.00 4 } il
-0.25 0 12 24 0
TOP BOTTOM
DISTANCE ALONG BEARING (inches)

Figure 8- 35 Average gage stress vs. nominal stress (f,; / The non-uniform stress

f.), W12X152 distribution did not have any
affect on the ultimate strength
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of the bearings. The load vs. top flange lateral displacement curves of the two compres-
sion bearings are shown in Figure 8.36. The uitimate loads from the full scale tests are
compared with the ultimate loads from the bearing compression tests in Table 8.6.

—a-T15280
—o—TO08780

LOAD (kips)

0.0 002 004 006 008 010 012 0.14 0.6
DISPLACEMENT (inches)

Figure 8- 36 Load vs. top flange lateral displacement,
compression bearing

Table 8- 6 Comparison of Bearing Capacities from Full Scale Tests
and Component Tests

BEARING SIZE] TEST Fer/ Fy
W12X87 Component] 0.81
Full Scale | 0.83
W12X152 Component| 1.13
Full Scale | 1.06

8.3 DISCUSSION OF RESULTS

8.3.1 Longitudinal Direction Behavior

The primary difference between the connection using the rocker and the connection
using the wide-flange bearing is that the wide-flange bearing provides fixity from the cap
girder to the pier cap. This fixity changes the horizontal and rotational stiffnesses of the
pier column that were calculated in Section 4.2. The calculation of the anchor bolt system
stiffness remains the same.

Pier Column

A model of the pier column and bearing with a horizontal force and a moment is
shown in Figure 8.37. The force and the moment will produce a deflection and a rotation
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Figure 8- 37  Pier column and bearing

and by relating the displacements to the forces the stiffnesses of the pier column can be
determined. The derivation of the stiffnesses is shown in Appendix D.

The horizontal force was derived as

()

H= kg Ag N MY/ (8.5)

[1 _kr Pu ]
kM2

and the moment at the top of the bearing was derived as

M= p, 0|~ kM /7 (8.6)

[1 _kn BM]
ka

where

ka = 7, ® r . (8.7)

2 3 3 \ ED,
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- &),

kur = 8.8
e B L[ o
‘ 2 2 \ (ED,
By = — e (8.9)
Lc‘*'h[@]
ED,

and y is the distance from the top of the bearing to the center of rotation, L. is the length of
the column, h is the height of the bearing, and (El); is the stiffness of the column (El). or the
bearing (El),. In calculating the force and moment due to temperature change, the rotation
may be approximated as zero since a uniform temperature change through the depth of
the superstructure would produce equal horizontal displacements.

The horizontal force would be calculated as

H= koA (8.10)
[1 ku ﬂM]
T2

kam

and the moment would be

pu o 42)
M= —— M (8.11)

ke By J
I -
{ kad

where A; is the horizontal displacement due to the temperature change. The largest
horizontal force and moment will be produced by the temperature change and therefore
Equations 8.10 and 8.11 should be used. The fatigue loads will be produced by the
longitudinal rotation of the cap girder and Equations 8.5 and 8.6 should be used.

Comparison of Calculated and Experimental Stiffnesses

The rotational stiffnesses of the anchor bolt systems for the Phase Il connection
were determined using Equation 4.16. There are no bearing pads and the axial stiffness of
the anchor bolts is shown below:

* W12X87 Bearings :L,=75in: AyE = 25944 kips : k, =25944 / 75 =346 k/ in
* W12X152 Bearings : L, =77 in: ALE = 25944 kips : k, = 25944 / 74 =337 k / in
The rotational stiffness of the bearings with CoR = 0" is (El), / h and the rotational

stiffness of the bearings with CoR = 34" can be determined by using Equation 8.6, dividing
both sides by 8. The properties of the bearings are shown below:

- W12X87 Bearings : h = 10.94 in : (El), = 29000 (1/12) (2*24) (0.509)° = 15298 in-k / rad
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« W12X152 Bearings : h = 11.01 in : (El), = 29000 (1/12) (2*24) (0.891)* = 82052 in-k / rad

A comparison of the experimental rotational stiffnesses, as measured at the bottom flange,
and the calculated rotational stiffnesses are shown in Table 8.7. The calculated stiffnesses
are the sum of the rotational stiffnesses of the anchor bolt system and the bearing.

Table 8- 7 Comparison of Experimental The calculated stiffnesses for the con-
and Calculated Longitudinal nections with CoR = 0" correlate well for no

Rotational Stiffnesses anchor bolts engaged and both set of anchor
bolts engaged, but diverge somewhat for one
—TEsT | EXPERIMENTAL TCALCULATED] Set of anchor bolts engaged. For the connec-

(in-k / rad) (in-k/rad) | tions with CoR = 34" the calculated stiffnesses
R1520000 6,500 7,450 are of the same order of magnitude as the ex-
R1520001 25,000 34,800 perimentally determined stiffnesses. The
R1520080 59,500 62,000 negative sign indicates the negative rotation

R1523400]-275,000 to 172,000 180,000 that occurred at the bottom flange of the cap
R1523401]-275,000 to 174,000 207,000 girder. This behavior was explained in Section
R1523480]-385,000 to 223,000] 235,000 8.2.1 and had to do with stiffeners only
R0870040 50,300 57,500 extending up half the depth of the web. If the

stiffeners extended up the entire length of the
web the rotation at all points along the depth of the cap girder would be the same (ignoring
any difference due to the bending of the stiffeners) and the values would correlate better
with the calculated values. It will be recommended in a following section that the stiffeners
should indeed extend the full depth of the web.

832 Transverse Direction Behavior

Equations Describing Connection Behavior

The behavior of a connection that has been pretensioned was described in section
1.2.1. If the bolt is pretensioned to a force By, all of the material between the bolt heads are
compressed by a force Cy that is equal to By. An applied tensile load produces an increase
in the bolt force, but this increase is a small percentage of the applied load, as shown in
Figure 1.7, region c¢). This behavior is quantified as

B=Bo+A[1-ﬂ} (8.12)

s

where B is the bolt force, A is the applied load, and By is the force in the bolt at the initiation
of uplift, or the point at which the plates separate, and is given as

B, = Bol:]+%] (8.13)

where K, is the axial stiffness of the bolt and k. is the axial stiffness of the elements in the
grip. The applied tensile force necessary to produce uplift is termed T and is equal to B,.
For A > T, shown in Figure 1.7, region e.), the bolt force is equal to the applied load, or B
= T. The magnitude of the reaction between the plates in response to applied tensile load,
shown in Figure 1.8, region c.), is given as
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3 4
R = Bo[z-BJ (8.14)

where R is the reaction between the plates. For A > T, the plates have separated and R =
0, shown in Figure 1.8, region e.).

Equation 8.12 and 8.14 also apply for an applied compressive load and similar to
the tensile force that produces plate separation there is a compressive force that produces
separation of the plates from the bolt, given as

Bo Bs
Bs - Bo

Cs = - (8.15)

For A < C, the plates and the bolt have separated and B = 0 and R = A, shown in Figures
1.7 and 1.8, region f.).

To apply the above equations to the Phase Il connection the following modifications
will be made:

¢ The bolt will be defined as the bolt group.

« The elements in the grip will be defined as the stiffeners, cap girder web, and
cross-plate; the bearing hardware, consisting of the wide-flange bearing and the
grouting material; and the concrete above the bolt anchorage. These elements
were described in Section 4.1.

e The applied load will be defined as -3P for the compression connection and as
2P for the uplift connection.

Determine Element Stiffnesses

The axial stiffness of the bolt groups were determined using Equation 4.3.

» W12X87 Bearings: L, = 75 in : ALE = 25944 kips : k, = 4(346) = 1384 k / in

* W12X152 Bearings : L, = 77 in : AL,E = 25944 Kips : k, = 4(337) = 1348 k/ in

The stiffness of the cap girder web, cross-plate, and stiffeners were determined
using Equation 4.5.

s hgy = 22" At = 6(7)(0.75)(2/3) = 21 in? : Ayep = 0.5625(24+16)/2 = 11.25 in?

* N = 4: S, = 8 in: 1,,=(1/12)(7)(2)*+(1/12)(4)(1.25)°=5.32 in* {includes anchor plate}

-1
kgra = ! + ! = 35914k / inch
42511 231420
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The bearing hardware stiffnesses for the connections were determined from
measured loads and deflections, as described in section 4.1.4. Equations 8.12 and 8.14
using the calculated values are superimposed on Figures 8.28 and 8.29.

+ W12X152 : Compression Bearing : 11350 k /inch
: Uplift Bearing : 9300 k / inch

« W12X87 : Compression Bearing : 6780 k /inch
: Uplift Bearing : 7880 k / inch

The total stiffness of the compression elements is

o= L+ Lo+ L (8.17)
kgird kcanc kh

and the values of k, k., and Equations 8.12, 8.13, and 8.14 are listed in Table 8.8. Also
shown are the experimentally determined equations presented in Section 8.2.3

Table 8- 8 Equations for Bolt Group Force and Pier Reaction
[BEARING kb | kc | Eq.8.13 | Eq.8.12 Eq. 8.14
COMP (k/in)| (k/in)| Bs (kips) B (kips) R (kips)
W12X87 |Calc| 1384 | 5131 | 396{1.27B¢}| 312 + 0.21A]-312 + 0.79A
Exp 390{1.21Bg} | 321 + 0.20A]-321 + 0.80A
W12X152 | Calc] 1348 | 7375 | 362{1.18B,}]307 + 0.15A]-307 + 0.85A
Exp 334{1.08Bg} | 309 + 0.08A]-309 + 0.92A
UPLIFT
W12X87 |Calc] 1384 | 5735 | 379{1.24B,}| 306 + 0.19A]-306 + 0.81A
Exp 340{1.11Bg} ] 305 + 0.10A ] -305 + 0.90A
W12X152 |Calc] 1348 | 6451 | 375{1.21Bp}| 310 + 0.17A]-310 + 0.83A
Exp 344{1.12Bg} | 306 + 0.10A]-306 + 0.80A

The results show that the tensile force needed to produce uplift varied from 1.Bg to
1.21By for the experimentally determined values and from 1.21B; to 1.27B, for the calcu-
lated values. The calculated and the experimentally determined values compare rea-
sonably well. The behavior of the connection is dependent primarily on the ratio of the bolt
group stiffness to the stiffness of the compressed elements. The stiffer the compressive
elements with respect to the bolt group, the smaller the tensile force that is necessary to
produce uplift and the smaller the tensile stress range that the bolt group can cycle through
(see Figure 1.7, regions c and d) Conversely, the stiffer the bolt group is with respect to
the compressed elements, the larger the tensile force that is necessary to produce uplift
and the larger the tensile stress range that the bolt group can cycle through. The bearing
hardware, which consisted of the wide-flange section and the grouting material, had the
smallest stiffness of the compressed elements. The stiffness of the wide-flange bearing
can be determined as kyear = AE / h where A is the area of the web. The grouting material,
which was placed between two steel elements in the tests, will be placed between the
bottom bearing plate and the concrete pier cap in the field. Localized deformations of grout
and the concrete under the bearing plate will reduce the stiffness of the concrete element.
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The deformation can be estimated as the centerline deflection of the bearing plate, as
calculated assuming the bearing plate acts as a beam on an elastic foundation. This gives
a stiffness of

ke = 03E; \Jlgp b (8.18)

where | is the effective length of the bearing plate and b is the width of the bearing plate.
The term (1/ky) should be added to Equation 8.17.

8.3.3 Constructibility

One of the advantages of testing a full scale specimen is that the constructibility
aspects of the connection could be realistically examined. The two primary constructibility
issues are the erection and positioning of the cap girder and the tensioning of the anchor
bolts.

Erection and Positioning of the Cap Girder

For the standard TxDOT connection the
bearing hardware is placed on the pier cap, the cap
girder is lifted and set on the hardware, and the
anchor bolts are snug tightened to hold the cap
girder in place. The longitudinal stringers are then
attached to the cap girder. The rocker allows the
cap girder to be rotated (by selectively tightening
the anchor bolts on each side of the web) in the
vertical plane to accommodate the attachment of
the stringers, as shown in Figure 8.38, but it cannot
be rotated in the horizontal plane due to the
interlock between the sole plate and the rocker.

The primary difference between the
standard TxDOT detail and the new detail is that
bearing is a monolithic unit, that is the cap girder
cannot be as easily rotated in the vertical plane as
with the standard connection that has the rocker
mechanism. To address this problem, two
solutions are proposed. It is recommended that
the bearings be attached to the cap girder before it
is erected, rather than placing the bearings on the
pier cap first. Given that, the first solution is to set
the cap girder on two metal strips (one under each
bearing), as shown in Figure 8.39a. The strip will
roughly approximate the rocker of the standard connection, allowing the cap girder to be
rotated in the vertical plane (using either the hold-down bolts or the anchor bolts if it is an
uplift connection). It will also allow some movement of the cap girder in the horizontal
plane since there is no interlock between the bearing and the strip (only sliding friction).
The holes for the hold-down bolts and anchor bolts, however, must be oversized to

Figure 8- 38 Vertical adjustment of
cap girder
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Figure 8- 39  Setting of bearing on pier cap

accommodate the movement. Once all of the stringers are in place the bearing, grout is
used to prevent corrosion and to stabilize misalignment. The second solution, shown in
Figure 8.39b, is to use levelling nuts under the bearing. This will allow a more precise
adjustment of the cap girder, but it may difficult to turn the nuts if the dead load is too great.
In addition, the flange will bend due to the axial load in the web and it must be checked.

The standard TxDOT connection simply sits on a 1/4 inch thick preformed fabric
pad; no grout is used under the bearing plate. As a result, the groove in the sole plate and
the rocker pin may be misaligned. This is why is seems unjustified that the surfaces are
machined with such precision (see Section 5.2.2). A type of misalignment was noted in
erecting the test specimen cap girder; it had a distorted bottom flange and as a result it
could not be levelled properly without using a grouting material. The wide-flange bearings
will not have perfectly parallel flanges, so it would be very difficult to get a level cap girder
by setting the bearings only on preformed fabric pad. The grouting process mentioned
above would take care of any misalignment problems.

Tensioning the Anchor Bolts

The initial intent for tensioning the anchor bolts necessary for an uplift resistant
compression was to use a partial height stiffener and do the tensioning within the depth of
the cap girder. The height necessary for the standard tensioning jacks, however, will
preclude this option. It was necessary for the full scale tests to drill a hole through the top
flange of the cap girder and do the tensioning from there (see Figure 8.9). A spacer had to
be fabricated to prevent bending of the top flange. It is recommended that the anchor bolts
extend through holes in the top flange and that the tensioning be done from that point.
The stiffeners will have to extend the entire depth of the cap girder web and must bear
against the top flange to prevent its bending. It was explained, however, in Chapter 5 that
requiring a tight fit to both the top and bottom flange by one stiffener is time-consuming and
expensive. Therefore, a stiffener detail is proposed that would provide a tight fit to both
flanges but would use two sets of stiffeners instead of one. The detail is shown in Figure
8.40a. The long lower stiffeners would have a tight fit to the lower cap girder flange and
resist the compressive bearing loads. The short upper stiffeners would bear against the
top flange of the cap girder and resist the anchor bolt bearing forces. The upper stiffeners
should be long enough to allow the stiffener forces to be transferred to the cap girder web
through the weld. The upper stiffeners should also extend below the uppermost position of
the clip angle connections to the longitudinal stringers; this will reduce the out-of-plane web
flexure of the cap girder above the termination of the lower stiffeners. For the connection in
which no uplift is present and the anchor bolts are not needed, only the lower set of
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NO UPLIFT

Figure 8- 40 Reconunended connection details

stiffeners is required and they shouid
extend the full depth of the web, cut
just short of the top flange. This is
shown in Figure 8.40b. By extending
the lower stiffener up to near the top
of the top flange, the potential fatigue
problem at the stiffener termination
point is eliminated.

8.3.4 Design of Bolt Anchorage

The determination of the
capacity of the bolt anchorage was
not part of this research. It may be
noted that there was no evidence of
any problems in either the Phase |
tests or the Phase Il tests. There are

two failure modes related to the anchorage capacity of the concrete; one is the pull-out
capacity of the anchor bolt, in which the anchor bolt pulls out of the concrete. This leaves
the concrete mostly intact. The second failure mode is the break-out capacity of the
concrete, in which a bolt or group of bolts breaks out a cone of concrete. The first failure
mode can be prevented by providing sufficient bearing area for the anchoring nut or plate.
The second failure mode cannot occur if the anchor bolts are pretensioned and the
pretension load is not exceeded. A procedure for determining the capacity of a bolt
anchorage has been developed by Shipp and Haninger [17].
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CHAPTER 9
PHASE I CONCLUSIONS

9.1 CONCLUSIONS

Bearing Compression Tests

The bearing compression tests showed that the wide-flange web buckles essentially
as column and that the buckling loads were in the inelastic and strain hardening range. A
procedure was developed such that the web could be designed using a simple interaction
equation by limiting the slenderness ratio of the web. The tests also showed that the
design procedure that TxDOT uses for design of the bearing plates is conservative and not
based on the actual bearing stress distribution. A method was developed for a more
realistic design of the bearing plates, treating them more properly as a beam on an elastic
foundation, that takes into account the actual bearing stress distribution.

Fatigue Tests

The fatigue tests showed that a wide-flange bearing subject to an out-of-plane
shearing load could be treated as a category A detail. Because a category A detail rarely
controls the design of a bridge member, fatigue should not be a concern in the new detail.
The tests also showed that for calculating the out-of-plane shear stiffness of the bearing,
the height of the bearing can be taken as h = d-2t;.

Longitudinal Direction Tests

The longitudinal direction tests showed that the rotation is a linear function of the
moment and that the elements in the connection resist moment in proportion to their
rotational stiffness. The tests showed that stresses developed at the stiffener termination
point that may be high enough to cause a concern regarding distortion-induced fatigue
cracking. Relatively simple equations were developed for calculating the forces and
moments in the wide-flange sections that result both from longitudinal rotation and
temperature.

Transverse Direction Tests

The transverse direction tests showed that the new connection may used in
situations in which uplift occurs. The connections behaved qualitatively as expected and
that pretensioning of the connections will reduce substantially the tensile stress range in
the anchor bolts. There was no reduction in the compressive load carrying capacity of the
bearing webs as a result of the eccentric loading produced by the cap girder.
Pretensioning of the connections increased the rotational stiffness of the connection
system.

147



9.2 COMPARISON WITH STANDARD TxDOT CONNECTION

Economic Comparison

A primary objective of the research was to develop a more cost-effective
connection design. The cost of test specimens used in the Phase | and Phase |l full scale
tests were used as the basis of comparison. The following items were used in the cost
estimates:

e Plate Girder

e Stiffeners

¢ Bearing Hardware

e Anchor Bolts and Anchorage
e Hold-Down Bolts

The cost of the Phase | connection, representing the standard TxDOT connection, given in
both absolute and relative terms, is shown in Table 9.1. The connection details account for
64% of the connection cost. Of this, the stiffeners comprise 41% and the bearing hardware
comprises 50% of the cost. It should be noted, however, that the cap girder used in the
tests is about half the length that it would be in the field, so the percentages listed in table
will be reduced for the connection details. If the costs are computed on the basis of dollars
per pound, the following breakdown occurs:

e Bare Plate Girder : $0.78/Ib
e Anchor Bolts, Anchorage : $1.00/Ib
e Bearing Hardware : $1.40/1b
o Stiffeners : $1.89/1b
e Total: $1.13/1b

The bearing hardware and the stiffeners are the most expensive components of the system
on a per unit weight basis; this reflects the welding and machining necessary for the
fabrication of the elements.

Table 9- 1 Cost Analysis of Phase | Connection

ITEM ABSOLUTE COST RELATIVE COST
Bare Plate Girder 2,078.29 36%
Stiffeners Welded to Plate Girder 2,125.08 26%
Bearing Hardware 2,615.91 32%
2 Rocker Plates 669.97 26%
2 Top Bearing Plates 968.47 37%
2 Middle Bearing Plates 432.13 16%
2 Bottom Bearing Plates 545.34 21%
Anchor Bolts and Anchorage 529.41 6%
8-1.5" f A36 Galvanized rod 342.72 65%
8 Nut-Washer Plates 137.25 26%
24-1.5" f Galvanized HH Nuts 49.44 9%
Hold-Down Bolts 29.28 0%
TOTAL $8,278
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The major difference between the Phase | connection and the Phase 1l connection
is that a wide-flange bearing section replaces the bearing hardware and that the anchor
bolts are not necessary for the new detail if uplift does not occur. The no uplift connection
will be used as the basis of comparison. The upper stiffeners were also not present in the
Phase Il connection. The cost of the Phase | stiffener detail was reduced by 30% to arrive
at an estimate of the cost for the Phase |l stiffener detail. The bearing used for the Phase
li connection estimate was a two foot long W14X550, which has a web thickness (2.38")
close to the thickness of the rocker pin used in the Phase | connection. It was assumed
that the section cost $0.50 per pound. The cost analysis of the Phase Il connection is
shown in Table 9.2. The analysis shows that new detail is less expensive than a
comparable standard TxDOT detail. The major savings comes from the replacement of the
bearing hardware with the wide-flange section, a reduction in cost from $2616 to $1100,
from $1.40 per pound to $0.50 per pound.

Table 9- 2 Cost Analysis of Phase Il Connection

ITEM ABSOLUTE COST RELATIVE COST
Bare Plate Girder 2,078.29 53%
Stiffeners Welded to Plate Girder 1,478.50 27%
70% of Phase |
Bearing Hardware 1,100.00 20%
2- W14X550 @ $0.50/lb 1,100.00 20%

Hold-Down Bolts 29.28 0%
TOTAL 5,586.00

General Comparison

The advantages of the new detail are that it
e can be used to resist uplift

¢ is redundant with respect to uplift (both the wide-flange bearing and the
anchor bolts (threadbars) can resist uplift)

e needs no anchor bolts if uplift does not occur
* is less expensive and less labor intensive to fabricate

The major disadvantage of the new detail is that it cannot simply be set on the pier cap as
is the standard TxDOT detail. It must be grouted in place.

With regard to the performance aspects of the two connections, the new detail is
obviously superior to the standard TxDOT connection in that it can resist uplift. It may,
however, become impractical to use the new detail for connections that must resist
extremely high compression loads. The maximum web thickness of a rolled section is
limited, but the rocker pin can be made in almost any thickness.
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CHAPTER 10
DESIGN PROCEDURES

10.1 DESIGN PROCEDURE, NO UPLIFT

There are three basic steps in designing the new detail; determine the loads on the
bearings, design the wide-flange bearing section, and design the stiffener detail. Design
examples for the new connection detail are given in Appendix E. All length units are inches
and all force units are kips (unless otherwise specified).

10.1.1 Determine the Loads on the Bearings

There are six load groups that are relevant to the design of a cap girder and its
bearings; they are listed in Table 10.1. A description of the loads is given in Section 1.4.2.
The first column shows the load group number as given in Table 3.22.1A of the AASHTO
code; the second column shows the direction of the load; the third column shows the load
combinations for each load direction; the fourth column shows the percent of the basic unit
stress that may be used in the design. Load Group | is the basic gravity load case; Load
Group Il checks overturning due to wind load; Load Group Il is Group | plus the wind

Table 10- 1 Load Combinations

LOAD LOAD LOAD COMBINATIONS % BASIC
GROUP| DIRECTION UNIT STRESS

VERTICAL D+ (L+))n + CF

| |CONGITUDINAL - 100
TRANSVERSE CF
VERTICAL D+W

Il JLONGITUDINAL - 125
TRANSVERSE -
VERTICAL D + (L*)n + CF +0.3W + WL

il [CONGITUDINAL 0.3W + WL +LF 125
TRANSVERSE CF + 0.3W + WL
VERTICAL D + (L+*)n + CF

Iv |CONGITUDINAL T 125
TRANSVERSE CF
VERTICAL D+W

V  |LONGITUDINAL T 140
TRANSVERSE -
VERTICAL D + (L+*D)n + CF + 0.3W + WL

vl |LONGITUDINAL 03W+WL+LF+T 140
TRANSVERSE CF + 0.3W + WL
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loads, with an increase in the allowable stresses of 25%; Load Groups IV, V, and VI
include the load combinations of the first three groups plus temperature, with a larger
increase in the allowable stress.

The determination of the various loads was illustrated in Appendix A and will not be
repeated here. The only load that cannot be determined prior to the beginning of the
design process is the horizontal force due to temperature change. The horizontal shear
stiffness of the bearing is needed before the temperature-induced force can be determined.

10.1.2 Design of Wide-Flange Bearing

Size the Bearing Web

1. Determine the section size (W12 or W14) and establish the minimum web thickness.

t, >

h[F, (10.1)
60

2. Size for Group | loading, axial load only.

P
b,

f. = < 0.472F, (10.2)

Check Design for Remaining Load Cases

1. Calculate longitudinal direction stiffness constants

kr = — (EI)Z ; (10.3)
L0h+h2Lc+L_C+h_[(£)CJ
2 3 3 \ (ED,
kv = ZW)CZ (10.4)
Lh+ L 4k [(EDJ
) 2 \ (ED,
(EL)
Pu = ; (10.5)
Le +h(@]
(ED),

2. Determine horizontal displacement due to temperature change.

= Los
2

Ar (.0003) (10.6)
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e The term 0.003 represents the temperature change, 50°F, times the
coefficient of thermal expansion, 6.5E-6 / °F.

3. Calculate maximum bending stress in bearing due to temperature change.

Bu Ar ( k—H]
M= kut (107)
(1 _ kn BM]
2
ks
M
= 10.8
fb Sbearing ( )

4. Calculate maximum bending stress in bearing due to LF (longitudinal force).

M= 1Py (10.9)
ke
5, =M (10.10)
Sbearing

5. Check interaction equations and resize bearing if necessary.

Group IIl : /a + /s <125 (10.11)
0.472F, 035F,

Group IV : /a + Js < 1.25 (10.12)
0.472F,  055F,

fo o\ S

Group V' :
0472F, 0J35F,

< 1.40 (10.13)

Group VI fo \ _Js < 1.40 (10.14)
0.472F, = 055F,

Check Bottom Flange for Bearing

1. Determine length of bearing flange effective

E P 0.75
g =325 2| ——— 10.15
lr E. ( 0.55F, b ] (1019
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2. Check flange thickness

Ply
Fy

>

oz (10.16)

2

3. Check bearing stress on concrete

P
lyg b

Soe = < fa (10.17)

Check Fatigue of Bearing

1. Determine Stress Range

(1 + Ykn J

M= B, 0 ka (10.18)
(] } kx BMJ

ki
S (10.19)
Sbearing
2. Check Stress Range Against Allowable
228 < 8, , 118, < 8, (10.20)

¢ 0, is the rotation range caused by the live load (or fatigue truck, see below), S; is
the tensile stress range (check against 6, rotation range that produces tensile
stress range), S. is the compressive dead load stress, S, is the total stress
range caused by 6,, and S,; is the permissible stress range (category A detail).

e Equation 10.20 from "Guide Specifications for Fatigue Design of Steel Bridges,"
AASHTO, 1989. [1]

10.1.3 Design Bearing Stiffeners
This procedure is well established and has not been modified for the new detail.

See Appendix A for sample calculations. The stiffeners should extend the full depth of the
cap girder web, cut just short of the top flange.

10.1.4 Connection of Bearing to Pier Cap and Cap Girder
Since there is no uplift on the bearing the connection details used for the standard

TxDOT connection should suffice. The erection and grouting procedures were explained in
Section 8.3.3.
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10.2 DESIGN PROCEDURE FOR UPLIFT

Prior to the design of the uplift connection, the bearing size should be determined
using the procedure described in Section 10.1.

10.2.1 Determine the Uplift Load
Uplift Force (T,;) Calculated as Largest of:
1. of calculated uplift, with live load plus impact increased by 100%
2. of calculated uplift at working load levels
¢ - the uplift resisting elements are designed at 150% of allowable basic stress

3. For fatigue loads, use 100% of live load (or fatigue truck [1] )

10.2.2 Design Uplift Resisting Elements

Hold-Down Bolts

To = 15n(0.55 F) 4;) 2 T (10.21)

Wide-Flange Bearing

Ta =15(055 Fybt,)2 Ty (10.22)
Anchor Bolts
T. = 15n(0.66 fpu Aps) 2 Tup (10.23)

Connection Between Bearing Top Flange and Cap Girder

o Recommend using fillet weld all-around, as is done with the standard
TxDOT detail. Size weld to resist uplift load T

Design Anchorage

Recommend using "Design of Headed Anchor Bolts" by J.G. Shipp and E.R.
Haninger, Engineering Journal, AISC, Second Quarter 1983. [17]

Check capacity and development length of vertical steel.

10.2.3 Determine Pretension Force
Bo =Tp t+ T

Tp is the working dead load uplift force, T, is the working live load uplift force
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10.2.4 Check Fatigue of Anchor Bolts

Calculate Connection Stiffnesses

1. Anchor Bolt

E
gy = At (10.24)
Ly

e L is the free length of the anchor bolt plus one-half of the embedded length

2. Cap Girder and Stiffeners

— E(Ast + Aweb)

kgira = ™ (10.25)
3. Wide-Flange Bearing
PR AR (10.26)
h
4. Concrete
+
kcnm: — (Abear Aam:h) Ec (10.27)
2 La
5. Concrete Under Bearing Plate
kcpl = 03 Ec leﬂ b (10.28)

6. Total Compression Element Stiffness

-1
kc=[1+1+1+-1—i| (10.29)

k gird kbear k conc k cpl

Transverse Direction

T, =N Ap Sy [1 + :—} > Ty (10.30)

b

o -T_ is the working live load uplift; the live load uplift from the fatigue truck may
also be used (see Guide Specs cited above)
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Longitudinal Direction

5, = Lk o (1031)
A,

o - Check Against Category E detail at 2 million cycles (for truck loading)
o - dis distance from centerline of bolt to centerline of cap girder web

Since holes must be drilled in the top flange of the cap girder to accommodate the
anchor bolts, it should be checked for fatigue as well, as a category B detail.

10.2.5 Design Bearning Stiffeners
1. Use split stiffeners that bear against the top and bottom flanges of cap girder. Length
of top stiffener should be sufficient to transfer load through weld to cap girder. Upper
stiffeners should also extend below the top of the clip angle connection.

2. Lower stiffeners should extend to bottom of upper stiffeners.

10.3 DESIGN PROCEDURE FOR STANDARD TxDOT CONNECTION

10.3.1 Design of Bearing Plates

The design procedure for the standard TxDOT connection is modified from the
current design procedure by designing the bearing plates using Equations 10.15, 10.16,
and 10.17. The top bearing and rocker pin may also be replaced with the half-section of a
wide-flange, as shown below.

L

10.3.2 Design of Neoprene Bearing Pad

The neoprene bearing pad used in series with the anchor bolt can be sized based
on the pretension force (using turn-of-the-nut method) in the bolt. It is recommended that a
1 inch thick, 70 durometer pad be used.

Determine Stiffness of Bearing Pad-Anchor Bolt System

1. Determine Compressive Stiffness of Bearing Pad

E, =3G(1+ 2Cs?)
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e - G is the shear modulus, use 150 psi for 70 durometer pad
o - Cis aconstantthatis 0.55 for a 70 durometer pad
o - Sis the shape factor, compressed area divided by area free to bulge

* - E,is given in psi; estimate size of pad to determine shape factor

4p Ep

Ip

kp =

t, is the thickness of pad, use 1 inch

2. Determine Axial Stiffness of Anchor Bolt

Ab Es
L

ky =

o Ly is free length of anchor bolt plus one-half of embedded length

Determine Pretension Force in Anchor Bolt

B, = number of turns past snug / pitch
’ T
o+
kp k»

e By is the pretension force in one anchor bolt

Check Stress in Bearing Pad

f. = Bo < 80 bs per square inch

P

o allowable stress in non-reinforced pad with no shear is 880 psi (AASHTO
14.4.1.1)
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CHAPTER 11

REINFORCED CONCRETE PIER CAPS UNDER CONCENTRATED
BEARING LOADS

11.1 INTRODUCTION

A schematic of the bridge support detail used by the Texas Department of Trans-
portation (TxDOT) when space is limited is shown in Figure 11.1. Compressive load is
transferred from the steel bent to the pier cap through bearing plates whose reactions do
not lie within the column so the pier cap design must consider shear. The objectives of this
phase of the research are a determination of the strength and behavior of the reinforced
concrete pier cap under compression loads, and the formulation of design recommenda-
tions for the pier cap.

P P The steel bent cap
¢ BASE PLATE  typically is supported on disc
bearings, pot bearings, or

bearing plates which are sub-
ject to factored loads on the
order of 2,000 kips. All of
these supports are relatively
small compared to the area on
top of the pier cap, and place
highly concentrated compres-
sive loads on the top of the
\/ reinforced concrete pier cap.
There are two basic problems
Figure 11-1  Application of bridge loads to the pier cap to solve with respect to these
concentrated loads. First, the
concrete under the bearing plate must not crush. Second, the concentrated loads on the
pier cap must be transferred to the column. The design for bearing capacity is discussed in
Chapter 6. The design of the pier cap region to allow transfer of load to the column is more
difficult since it is an atypical section whose design is not explicitly covered in design
codes. With the bearing placed outside of the interior of the column, the load is slightly ec-
centric to the column as shown in Figure 11.2. For the piers studied, the shear span is
very small, with a span to depth ratio below 0.1. For reinforced concrete cantilevers with
such small span to depth ratios, loads will be transferred primarily by the action of a tied
arch (25). However, existing code provisions focus on the capacity of concrete in shear,
not arching action. Thus, a design based on existing code provisions will be overly conser-
vative because concrete can carry much less load in shear than in direct compression.

“~PIER CAP

/

PROJECTION OF

BEARING SURFACE ~~._COLUM
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To assess the capacity of the pier cap to
sustain extreme compression loads, six pier caps
at a 30 percent scale were tested in compression.
Steel reinforcement designs in the pier cap were
altered to examine extremes in capacity, and to
examine the contributions of different types and
quantities of reinforcing steel to the strength of the
pier cap. Three techniques that could be used to
analyze the pier cap are compared. The two con-
ventional design solutions that are applicable are a
corbel analysis and deep beam analysis. As an
alternative design method, a strut-and-tie model
will be presented for comparison. Also, bearing
stresses from testing will be compared with
stresses allowed in the 1992 AASHTO provisions.

11.2 EXPERIMENTAL PROGRAM

11.2.1 Typical TxDOT Pier Cap Design.

The single pier cap geometry shown
in Figure 11.3 was chosen as the focus of

the loading coincides with the edge of the
column, requires an inclined load path to
transfer load from the pier cap into the col-
umn. The loading geometry shown repre-
sents the maximum eccentricity currently

study. This layout, in which the centerline of —/ —
4-0"

figuration studied, so results can be applied
to piers with a smaller load eccentricity. The
pattern and sizes of reinforcing that are
usually used in the typical TxDOT pier cap
and column are shown in Figure 11.4. The
top layer of the pier cap is very heavily rein-
forced with a combination of #11 straight
bars and a #11 continuous loop (bar T) to

used by TxDOT for the pier cap/column con- I
4-0

COMPRESSION

TENSION TIE

ARCH

Figure 11-2  Arch action when the

span/depth ratio < 1

A\ 4

—N

N

Figure 11- 3

8! - Ou 3. _ 6"

Typical TxDOT pier geometry

resist high tensile load. Bar T is made continuous by a full penetration butt weld that is lo-
cated in the middle of the pier cap. The pier cap has both horizontal (bars B) and vertical
stirrups (bars S) evenly distributed over the depth and length of the pier cap, respectively.
The horizontal stirrups (bars B) have semi-circular ends to provide confinement all the way

around the end of the pier.
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Figure 11-4  Typical TxDOT pier steel reinforcing pattern

161



11.2.2 Description of Test
Specimens

The geometry of the typical
TxDOT detail was used as the reference
for design of the test specimens. Model
specimens were constructed at approxi-
mately a 30% scale so that test ma-
chines available in the laboratory could
be used to load the specimens. The final
pier size used for all the scale test
specimens is shown in Figure 11.5. Note
that the test specimens have a column
width equal to the pier cap width. This
larger column size will slightly increase
the strength of the test specimens by
providing a slightly greater area over
which to transfer load from the pier cap
to the column. Rebar sizes for the scale
specimens were obtained by choosing

29 %

50 -1/2"

7-1/4"

36"

~J

SR )

LOAD

o

>

36"

BASE PLATES
8-3/4" x 8-

14-1/2"
——

Figure 11-§ Geometry of the test specimens

the size rebar with an area closest to Taple 17-1  Rebar Sizes for Full-Size Piers and
30% .of the full size of the rebar. Table Test Specimens (see Figure 11.4 for
11.1 shows the sizes of the rebar used bar layout)

in the standard scale specimens, and

the actual scale (based on grea) ‘,Jf the Bar Full Size Test Specimens} Actual Scale
rebar used. The hooped stirrups in the  [==1e2p=755 777 | 76 Ab=044 12| 28.20%
column (bars Z) are not at an appro- ["B 6 Ab=044 in2 | #3 Ab=0.11in2| _25.00%
priate scale because a minimum num- ["ST[#5 Ab=0.31n2 |#3 Ab=0.11in2| 35.40%
ber of rebar sizes was desired. This [T [#11 Ab=1.56 in2|#6 AD=0.44 n2| 28.20%
discrepancy in scale was accepted | U | #6 Ab=0.44in2 |#3 Ab=0.11in2] 25.00%
since the column stirrups will have a | V |#11 Ab=1.56 in2|#6 Ab=0.44in2| 28.20%
negligible effect on the strength of the | Z | #4 Ab=0.20in2 |#3 Ab=0.11in2| 55.00%

pier cap.

Six specimens were cast, all

using the exterior dimensions shown in Figure 11.5. The layout of steel reinforcing for

each specimen is detailed below.

SPECIMEN A2 (Standard)

o all rebar sizes in this specimen were scaled directly from the standard detail, using the

rebar sizes listed in Table 11.1

o this specimen is referred to as the standard specimen

o the steel detail used for this specimen is shown in Figure 11.6

* bars U were inadvertently placed outside of bars B as shown in Figure 11.7
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Steel reinforcing detail for the standard scale specimen

bar T

——1

U—

v

bars B bars S

CORRECT LOCATION OF
BARS U

Improper placement of bars U in Specimen A1



SPECIMEN A1

o this specimen is identical to Specimen A2, except that there are five sets of evenly
spaced stirrups in the column portion.

¢ again, bars U were inadvertently misplaced as shown in Figure 11.7

SPECIMEN B bars A

e the curved loop (bar T) in the top layer of
the pier cap was replaced by two
straight bars, also #6 bars, as shown in
Figure 11.8

y > bars S

l
» all other reinforcing follows the standard bars U replacement for bars
specimen
SPECIMEN C Figure 11-8 Top layer pier cap reinforcing

in Specimen B

» all steel in the top layer of the pier cap
was decreased from #6 to #3 bars (bars
A and T are now #3 bars) bars A

e since bar T was changed to a #3 bar, it \
was made continuous by a lap weld, as bars S
opposed to the butt weld used for the
standard scale specimen. The length of

the weld was sized to develop the full ca- TOP REINFORCING bars T
pacity of the bar. IN PIER CAP
SPECIMEN D
« all steel in the top layer was decreasedin bars SI__| bars T
size from #6 to #3 bars (bars A and bars " Z K
T), and bar T was lap welded as for
Specimen C.
e bars U were omitted = =dingl
- . . i L bars B
o three sets of the pier cap horizontal stir- ! bars V extend
rups (bars B) were omitted il 11-3/4" into
« this detail is shown in Figure 11.9 bars 21

PIER ELEVATION
SPECIMEN E

Figure 11-9 Specimen D reinforcing
e bars A in the top layer of the pier cap
were reduced to #3 bars

* bar T was replaced by a pair of overlapping bars B, which were #3 bars
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Table 11- 2 Measured Material Properties

Specimens | __ Stafic Yield Strength of Rebar Concrete Cylinder Compressive Strengih
#3 bars #6 bars 7 day 28 day strength | > 35 days strength

A1 and A2 60.8 60 2939 psi 3905 psi 4050 psi

B through E 47 .4 60 2820 psi 3554 psi 4016 psi

The different specimens were designed to determine the strength and behavior of
the standard detail, and the contribution of different types of reinforcing to the overall
strength of the pier. The A specimens provided a direct test of the standard detail, and are
used to compare the variability between specimens. Specimen B examines the ability of
the looped bar to provide confinement for the end of the pier. Specimen C examines the
effect of less top layer reinforcing on the behavior and strength of the specimen. Specimen
D is used to set a minimum bound for the strength of the pier cap. Finally, Specimen E
considers the necessity of a welded bar in the top layer of the pier cap.

11.2.3 Materials

All bars in the test specimens were either #3 or #6 in size. Specimens were con-
structed in two sets, so steel for each set of specimens was ordered from the same lot.
Static yield strengths obtained from tensile tests on the bars are listed in Table 11.2. For
Specimens B through E, the #3 bars had a low yield strength of 47.4 ksi. Inspection of
stamps on these bars showed that the bars were not grade 60, but a lower grade of steel.

The concrete design strength for the TxDOT pier caps is 3,600 psi at 28 days, so a
4,000 psi mix was ordered from a local concrete supplier. The concrete had a maximum
aggregate size of 3/4-in. to allow placement in the congested rebar cage, and to fit within
the 3/4-in. cover. Two different pours were made, with the first pour for Specimens A1 and
A2, and the second for Specimens B through E. The cylinder compressive strengths are
shown in Table 11.2. The long term strength is taken as the average of all cylinders tested
after 35 days, and represents seven cylinders for Specimens A and 18 cylinders for Speci-
mens C-E.

All specimens were constructed at the Ferguson Lab. The reinforcing cage for
Specimen A2 is shown in Figure 11.10. All of the bent bars were ordered from a local fab-
ricator, and met a reasonable tolerance — 3/8-in. for the dimensions. Spacers were placed
on rebar parallel to the straight edges of the specimen to ensure equal cover on opposite
sides of the specimen. Forms were made right side up, so the effect of bleeding and seg-
regation would be the same as for actual piers. The specimens were poured monolithi-
cally, with no construction joint as used in the field.

11.2.4  Test Set-Up and Procedure

The test set-up was designed to allow two tests on each specimen. The configura-
tion for applying load to the specimen is shown in Figure 11.11. The specimen and
spreader beam were placed inside the frame of a 600-kip load machine as shown in Figure
11.12. The test machine was fitted with a swivel head so rotation of the girder would not
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Figure 11- 10 Steel reinforcing cage for Specimen A2
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Figure 11- 11 Test set-up geometry.
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Figure 11- 12 Test specimens in the test machine.

be restrained. A spreader beam was used to place load from the test machine on each
end of the pier cap to prevent overturning of the specimen. The loading head of the 600-
kip machine was offset from the centerline of the spreader beam to place most of the load
at one end of the pier. The 3-5/8-in. diameter rollers under the spreader beam place two
distinct line loads on the base plates. By idealizing load from the test machine as a line
load on the spreader beam, the test setup is statically determinant. The end of the pier cap
with the smaller portion of load did not sustain any damage while the opposite end was
tested, so test results for the two ends of the specimens are directly comparable. Once
one end of the pier was tested, the specimen was repositioned on the floor of the test ma-
chine and the other end of the specimen was tested.

Loading was applied in discrete increments, typically 20 to 30 kips on the linear
portion of the load-deflection curve. After an increment in load was applied, about five
minutes passed while cracks were marked and inspected. At the end of this delay, load
and deflection readings were taken electronically, giving the static capacity. The next load
step was then applied. The first test on a specimen was stopped shortly after the peak
load had been reached to avoid excessive damage to the specimen which could affect the
second test. For Specimens B through E, the second test on the specimen was run to
large deflections to examine the specimen ductility.

Specific details on the deflection instrumentation and strain gages are given in the
detailed report (6).
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Table 11- 3 Summary of Specimen Reinforcement Patterns

Specimen ~Description
Al directly scaled from the standard detail
directly scaled from the standard detail
straight #6 bars in the top layer of the pier cap
all #3 bars in the top layer of the pier cap,continuous loop provides confinement
minimal reinforcing, horizontal stirrups omitted
all #3 bars in the top layer of the pier cap,lapped hoops provide confinement

m|o|o|w| &

11.3 TEST RESULTS

Eleven tests were conducted to failure on the six specimens, with the most signifi-
cant results summarized in this section. Detailed results for each test are given elsewhere
(6). A summary of the reinforcement patterns of each specimen is given in Table 11.3. As
discussed in the previous section, each end of a specimen was tested separately, allowing
two possible tests to failure on each pier. For instance, Pier B-1 refers to the first test on
Specimen B, while Pier B-2 refers to the second test on Specimen B, at the opposite end
of the specimen.

Specimen A2 was tested three times. This pier was first tested with the load head
centered on the spreader beam, placing nearly equal loads on each end of the pier (Test
Pier A2-1). This first loading was large enough to originate cracking, but did not cause fail-
ure. Thus, Pier A2-2 was the first loading to failure on Specimen A2, and Pier A2-3 was
the second loading to failure on Specimen A2.

LOAD

11.3.1 Nomenclature
—1 |—¢—|

In the discussion of the test behaviors, TENSIONTIE
terms are used which are defined below:

LoAD PATHs: The load applied at the \
bearing plates was directly transmitted to the
column by a compression strut in the pier cap.
To maintain equilibrium at the base plate, a
tension tie must form at the top of the pier cap
as shown in Figure 11.13.

\ cOMPRESSION
STRUT

CRACKING PATTERNS:  Four distinct Figure 11- 13 Load paths for the pier cap
types of concrete distress were observed and
are defined below and in Figure 11.14.
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Flexural Cracks. Flexural cracks

were seen extending across the /| ;
top of the pier, and sometimes / { ( \
extended down the face of the | [ -y,
pier as shown as failure "A” in BY  PLANVIEW B TYPES OF CONCRETE DISTRESS:
Figure 11.14. These cracks are
observed on the tension side of A B AU ACKS
a reinforced concrete beam e f4\| C - SHEAR CRACK
tested in bending. \ // y | D CRUsHiNG
c e B "c
Flexure/Shear Cracks. These 0 o

cracks were observed on the top
and faces of the pier cap, shown
as failure “B”. The flexural com-
ponent typically originated be- Figyre 11- 14 Patterns of concrete distress

tween the edges of a base

plate, and the component on the

top of the pier cap only extended from the base plate to the edge of the pier. The
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Figure 11- 15 Load-deflection behavior for Pier A1-1
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cracks formed a small flexural component on the face of the pier (up to about three
inches long) before the crack sloped in towards the center of the pier. These cracks
typically grew to extend across the depth of the pier cap.

o Shear Cracks. These inclined cracks formed on the faces of the pier cap as shown as
failure “C”. The shear cracks were distinguished from flexure/shear cracks as they had
no flexural component when they initially formed. A crack that began as a pure shear
crack would often extend across the depth of the pier cap so that it eventually resem-
bled a flexure/shear crack.

» Crushing. Crushing of concrete was located at the interface between the pier cap and
column, and is shown as failure “D”. The crushing was easily observed, with flaking of
the concrete the first indication of failure followed by further spalling of the concrete with
additional loading.

11.3.2 Load-Deflection Behavior

The load-deflection curve and cracking patterns for a typical specimen, Pier A1-1, is
shown in Figure 11.15. The loading curve was initially linear until cracking occurred, then
gradual nonlinear behavior began with plastic behavior seen near the peak load. Cracking
loads are shown on the graph, as well as sketches of cracking patterns on the east side of
the pier with increasing loads. At point “B”, cracking had just begun and consisted of small
flexural, flexure/shear, and shear cracks. With cracking initiated, existing cracks continued
to widen and lengthen, additional cracks formed, and crushing began as shown at point
“C”. At point “C”, the compression strut was defined by the two inclined cracks, but crack
widths were still less than 1/32 inch. Additional loads mainly opened the inclined cracks
defining the compression strut further, and caused additional crushing at the pier
cap/column interface. The failed specimen is shown in Figure 11.16 which shows a well-

Figure 11- 16 Crack distribution of Pier A1-1 after failure.
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defined compression strut and &7
evenly distributed flexural cracking
on the top of the pier. At the peak
load, the largest inclined crack was |~
3/16 inches wide, while flexural 3~

cracks between the two base plates [#;

remained minute. There was also |

extensive crushing at the |
cap/column interface as shown in
Figure 11.17. Loads marked on the
specimen are the total load on the

specimen, not the resultant load on =+ - =
the tested end of the pier. Figure 11- 17 Crushing of Pier A1-1 after failure

Plots of resultant load on the
tested end against the deflection at linear pot #1 at the top edge of the specimen are
shown in Figure 11.18. To reduce clutter, deflections for Pier A2-2 and A2-3 were omitted.
Tip deflections in the elastic region were very similar, showing minimal effect from the dif-
ferent reinforcing patterns used in the pier cap. This similarity was expected, as the initial
stiffness of the overhang largely is produced by the small span to depth ratio. Somewhat
less stiff than the other piers were Specimens D and E. Since Specimen E had a smaller
effective concrete strength, this reduced stiffness was expected. Specimen D was the
least stiff, reflecting the specimens minimal reinforcement, and the different behavior of
Specimen D. Specimen D showed more of a flexural failure, with the bending action allow-
ing more deformation than the compression struts formed in the other specimens. For all
specimens, detail plots of resultant load against deflection at various locations in the
specimens are shown elsewhere (6).

The specimens static ultimate strengths and concrete cylinder strengths on the day
of testing are listed in Table 11.4. The specimen strength refers to the resultant load on
the end of the pier being tested, not
the total load applied to the spreader
beam. Cylinder compressive
_ strengths are the average of three
Static | Cylinder| Average |Effective] Age of | cylinders unless noted. Also shown
Test | Capacily | Strength | Capacity fe Concrete| in Table 11.4 are the average ca-
(kips) (psi) (kips) (psi) (days) pacities for each set of the speci-

Table 11- 4 Specimen Capacities and Concrete
Strengths

Al 395 | 4 83 mens, and the “effective concrete

|A2-2| 368 | 3916 | 395 | 4050 51 strength” for the specimens (effective
A2-3L 439 42117 395 4050 69 f2). The effective concrete strength
i St 3930 323 4016 3: represents an average strength for a
g-? gg; 2?3? ggg 2312 gs concrete pour, and is presented to
C'g 208 2700 599 2016 57 remove the small variability in con-
D-1 203 4032 509 2016 %3 crete strength after prolonged curing.
2-‘12 égg gggl ggg gg;? ;g All  specimens except for
- 5 ecime enti e
E2 | 279 3747 569 3657 0 Specimen E had essentially th

same concrete strength, so only re-

™ - only two cylinders tested sults for Specimen E need to be
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normalized. This smaller concrete strength at the time of testing Specimen E was reflected
in the capacities for both tests on Specimen E. It was expected that Specimen E would
have a strength-very similar to Specimen C since the two piers are almost identical. Rein-
forcement patterns for the two piers differ only in that Specimen C has a continuous loop in
the top layer of the pier cap, while Specimen E uses lapped hoops in the top layer as pre-
sented in Section 11.2. If the strength of Specimen E is normalized to the effective con-
crete strength of Specimen C by direct proportioning, its strength is 296 kips (multiply 269
kips by 4016 psi/3651 psi). The normalized strength for Specimen E matches very well
with the tested strength for Specimen C, 299 kips.

Table 11- § Specimen Cracking Loads The loads at which different
crack types were first observed on

~ Cracking Loads (kips) the virgin specimens are listed in

Test | Capacity [Flexure| Flexure Shear] Shear| Crushing| 120le 11.5. Cracking loads for Pier
A1l 387 186 154 154 ) A2-2 and Pier A2-3 are grouped
A2-2 368 167 145 205 297 with the virgin test results since their
23| 430 174 150 112 205 cracking loads were obtained by ex-
B-11 304 166 166 276 | 291 amining results from Pier A2-1,
C-1 209 99 153 168 257 which equally loaded the two ends
D11 203 67 hone 152 | 203 of the pier cap. Typically, flexural
E-1| 258 118 152 524 | 258 and flexure/shear cracks formed at

about the same time, followed by
the formation of shear cracks before crushing began. Specimens A1 and A2 with #6 bars
in the top layer had the highest flexural cracking loads, indicating the larger bars could ab-
sorb tensile force with less strain than the #3 bars, reducing strain the concrete. Specimen
D allowed the earliest formation of flexural cracks, and also had the smallest stiffness as
shown by the loading curves. Specimens C and D were identical except that Specimen D
had no intermediate layers of horizontal stirrups. Thus, the layers of horizontal stirrups
(bars B) in the Specimen C help to reduce deflections, limiting the formation of flexural
cracks. For specimens other than Specimen D, flexure shear cracks formed at almost the
same load, about 150 kips. This was expected, as all these specimens had the same dis-
tribution of horizontal stirrups (bars B). Crushing loads for specimens other than Specimen
D were reasonably close, indicating that the distribution of forces within the specimens was
similar up until that point. After crushing began, specimens that could redistribute internal
forces and put more tension in the top layer of steel could add load, while those that could
not redistribute loads failed with the onset of crushing.

11.3.3 Failure Modes

The test specimens showed three basic failure modes. The most common failure,
seen in Specimens A, C and E, and represented in Figure 11.16, was caused by crushing
of concrete in the compression strut and at the cap/column interface. For Specimens A, C,
and E, flexure/shear and shear cracks propagated across the depth of the pier cap and
began to open with increasing load, limiting the size of the compression strut. Eventually
the force in the strut caused crushing at the interface. With additional load, inclined cracks
opened further and there was additional crushing at the interface and in the strut. Even-
tually, crushing in the strut and at the cap/column interface resuited in failure. For Speci-
mens A1 and A2, there was considerable strength gain between the onset of crushing at
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the interface and the ultimate load.
This indicates that the strut rotated in

P

i , towards the pier cap once crushing
T“_I e began. This new geometry requires a

Ct c2 . . .
Ti<I2 larger force in the tension steel in the
top layer of the pier to maintain equi-
‘ librium as shown in Figure 11.19. For
1. INITIAL FORCE ODISTRIBUTION 2. COMPRESSION STRUT MOVES Specimens C and E, formation of

FURTHER INTO COLUMN

Figure 11- 19 Redistribution of internal forces in

the pier cap
Gof roller
2-1/2"
straig
bars
< 14-1/2
;/
o
4-3/8%4-3/4"

Figure 11- 20 Development lengths for top
layer reinforcing in Specimen B

cracks was very similar to the A
specimens. However, there was a
much smaller lag between first
crushing at the interface and the ulti-
mate load. Since Specimens C and E
had much less reinforcing in the top layer than
Specimen A, redistribution of the strut after
crushing began was limited.

Specimen B showed a second failure
mode. Specimen B initially performed like
Specimens A1 and A2, developing inclined
cracks on the face of the pier cap. These
cracks continued to grow across the depth of
the pier and widen as for the A series speci-
mens. However, soon after the onset of
crushing the failure load was reached, indicat-
ing as for Specimens C and E that additional
tensile force in the top layer of the pier cap
could not be developed. The inability to de-
velop additional tension in the top layer of re-
inforcing was the root cause of the failure.

Without the continuous loop (bar T) around the end of the pier, the specimen had to de-
velop tension solely through the straight bars which had very small development lengths as
shown in Figure 11.20. The lack of development length became evident during testing,

Figure 11- 21 Splitting cracks due to bond distress in Specimen B
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the pier as shown in Figure 11.21. Aside from reducing the ability to develop tension in the
top layer, removal of the continuous loop around the top layer caused two major problems.
First, a flexure/shear crack opened very wide at the face of the pier without any reinforce-
ment to limit its growth. Second, when large deflections of the pier cap were forced on test
B-2, the base plate began to punch into the cap, pushing out the unconfined concrete
around the circumference of the cap as shown in Figure 11.22.

Specimen D, with its minimal reinforcing behaved quite differently than the other
specimens with a cracking pattern shown in Figure 11.23. Flexural cracks formed initially,
with long components on the faces of the pier. In particular, a flexural crack formed at the
interior edge of the base plate. For other specimens, inclined cracked formed near the
point of load application, forming a defined compression strut. For Specimen D, however,
the cracks in this region were almost vertical, indicating minimal compression strut forma-
tion. With increasing loads, the flexural crack at the interior edge of the base plate grew
across the depth of the pier. This eliminated the area available for direct transfer of shear,
but left a bearing surface at the top of the column to handle strut forces as shown in Figure
11.24. Therefore, in both tests on Specimen D failure corresponded to the beginning of
crushing at the cap/column interface since there was no possible redistribution of loads.
Essentially, the specimen failed because flexural cracks opened so much that shear could
not be directly transferred to the interior of the pier.

Figure 11- 22 Punching of the base plate into Pier B2-2
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Figure 11- 23 Crack distribution on the face of Pier D-1 after
failure.

Inspection of specimens after testing showed two significant behavior patterns of
concrete directly under the base plates. First, there was only extremely minor cracking un-
der the base plates due to the confinement provided by the base plate. Flexural cracks
that formed on the edge of the pier did not continue under the base plate, but stopped at
the edge of the base plate. Second, punching of the base plates into the top of the pier
cap was seen to some extent for all specimens. The punching was magnified on the sec-
ond tests on specimens, which were run to large deformations. While Specimens A1 and
A2 reached much greater loads than Specimens B, E, and C, excellent confinement in the
top layer for A series specimens was provided by the #6 continuous loop (bar T) which

minimized punching. While the beginning
of punching was seen, punching did not

FLEXURAL P contribute to the failure of specimens and
CRACK\ ,_L COMPRESSION became most notable only when damage
N 2\ /’ STRUT to the specimens was forced.
Vil a A 11.4 ANALYSIS OF RESULTS
SBEQES%% SECTION A-A In this section, test results are

summarized and the specimen capacities
predicted by different design methods are
compared with test results. First, con-
ventional design methods from the 1992
AASHTO provisions and ACI 318-89 (ACI
1989) code are examined. The two design methods most suited to the problem geometry
are the corbel and deep beam provisions from AASHTO Section 8.16.6.8 and ACI 318-89
Chapter 11, respectively. Next, the strut-and-tie method is used to predict the pier cap
strength using two strut-and-tie models. To demonstrate the use of the strut-and-tie
method, a sample design of a full-sized pier cap using this method is presented. The strut-
and-tie method is also used to predict the strength of a typical pier cap design. Finally,

Figure 11- 24 Force distribution in Specimen D
after opening of the flexural crack
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criteria for judging constructed pier caps through field inspection are given. It should be
noted that the above approaches for sizing a pier cap and its reinforcing are all design
methods. Thus, the use of these methods as analysis tools requires making some judg-
ments to predict the specimen strength based on the actual reinforcement used. The
analyses focused on Specimens A and C because those two specimens are most repre-
sentative of reinforcing that has been and would be used in the pier cap.

11.4.1 Discussion of Test Results

The ultimate strengths of the test specimens are shown in Table 11.4. Specimen
capacity is directly related to the amount of horizontal reinforcing, which is needed to de-
velop the action of a tied arch. The effect of the amount of steel in the top layer of the pier
cap is shown by a comparison of Specimens A and C. Specimen A, with #6 bars in the top
layer, had a capacity P, = 395 kips, while Specimen C, with #3 bars in the top layer, had a
capacity of P, = 299 kips. The only difference in reinforcing for Specimens A and C is the
size of the bars in the top layer. The ability to develop the strength of the bars in the top
layer of the cap is also critical. Specimen B is identical to Specimens A, except that in the
top layer of the pier cap only straight #6 bars are used, resulting in very small anchorage
lengths. The small anchorage lengths provided for the top bars of Pier B are inadequate to
develop the required bar force, as bond distress was observed during testing. The capac-
ity of Specimen B was 323 Kips, much less than Specimen A capacity.

The quantity and anchorage of steel in the top layer of the pier has a large influence
on specimen strength, and the importance of the steel can be explained considering
specimen failure modes. As load was increased on a specimen, crushing at the pier
cap/column interface eventually occurred. To carry more load, the compression strut has
to move further into the column, requiring a larger tie force to maintain equilibrium. In
specimens B, C, D, and E, the capacity of the bars in the top layer of the pier cap was lim-
ited, so failure was reached soon after crushing at the pier cap/column interface began.

The placement of the intermediate hoops (bars B) also has a considerable effect on
specimen strength as shown by a comparison of piers C and D. Piers C and D are identi-
cal except that bars B (and bars U) are removed from Specimen D. Without the interme-
diate hoops, Specimen D capacity was only 209 kips, as compared to 299 kips for Speci-
men C. The mechanism by which bars B contribute to the specimen capacity is not as
clear as for the bars in the top layer of the pier cap. The intermediate hoops closest to the
top of the pier see the largest force, so those bars act mainly as tension ties. The inter-
mediate hoops also can resist loads by dowel action.

Examination of the specimens shows that bearing failure did not limit the capacity of
any of the specimens, although punching of the base plates was seen on all specimens.
The conclusion that bearing strength did not limit pier cap strength comes from a compari-
son of the concrete damage seen in the first and second tests on a specimen. For the first
test on a specimen very limited punching occurred, while for the second test of a specimen
in which large deformations were forced, more significant punching occurred. Thus, most
of the punching occurs after a specimens capacity has already been reached. For speci-
mens A, which had the greatest capacity, the average bearing stress sustained was 5.16
ksi, or 1.27 f; (f. = 4,050 psi). The bearing strength on top of the pier cap is helped by

177



the continuous rebar (bar T) around the A, \Vj
perimeter of the cap, which provides

confinement. The bearing stress, fp, T=Af,
sustained can be compared to the load <
factor design provisions for bearing of A A,

AASHTO (1992) Section 8.16 with the @
factor removed is f, = 1.33 f/. Since

the applied bearing stress was slightly
less than the code value, and bearing d
failure did not occur, no conclusions can

be reached regarding the maximum uC
permissible bearing stress. Further test- C—>
ing needs to be conducted to determine v Forces contributed by
tcr;ep :eanng strength at the top of the pier horizontal stirrups or
) ties are neglected
l»

11.4.2  Corbel Analysis

The pier cap geometry studied
looks quite similar to a corbel, so the Figure 11- 25 Force distribution assumed in

corbel provisions were the first applica- Corbel Code Provisions (Salmon
tion of conventional analysis to predict 198%)

specimen capacity. The action of a cor-

bel as used in the 1992 AASHTO code is

shown in Figure 11.25. The corbel design technique is intended for span to depth ratios
less than one, where ordinary flexural theory is not applicable (Salmon 1985, ACI 1989). In
the AASHTO (1992) corbel code provisions, the shear strength comes entirely from shear
friction.

The AASHTO (1992) code procedure gives an area of steel in the top layer of the
corbel based on two checks. The first check considers shear, while the second check
considers moment. The intermediate stirrups are sized based on the amount of steel in the
top layer of the corbel. For the pier cap geometry chosen, the check based on shear con-
trols because the moment is extremely small. Using the AASHTO (1992) code as an
analysis method gives:

Vo = 1.54, f, u the nominal shear strength < 0.2 f .bd and [800 psi]bd
where
A, = the area of steel in the fop layer of the corbel
[bars A and T in the specimen]
1w = coefficient of friction for normal weight concrete cast monolitically = 1.4
b = the corbel width
d = depth of reinforcing shown in Figure 4.1
(11.1)
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The multiplier of 1.5 reflects the benefit of the additional layers of stirrups. A comparison of
corbel design strengths and the test results for specimens A and C is shown in Table 11.6.
For specimen A, the limiting shear strength controlied the corbel design strength. As the
results show, the corbel provisions are inadequate to predict pier cap strength because
they only consider shear friction to resist applied loads and ignore the inclination of the
compression block.

Table 11- 6 Test Specimen Capacity Compared to the Strength Predicted by Conventional

Design Methods
Average Test|Corbel Design| Deep Beam |
Specimen| Capacity Strength Strength Parameters
(kips) (kips) (kips) Av (in®) [fy (ksi)
A 395 151 95 2.2 60
Cc 299 55 95 0.55 47.4

11.4.3  Deep Beam Analysis

The deep beam provisions in the ACI 318-89 code also appear applicable to the
pier cap design. These provisions reflect the different behavior and capacity of beams with
span to depth ratios less than five (Salmon 1985, ACI 1989). The deep beam provisions
follow the same basic approach used to find the shear strength of a regular beam, with the
concrete and stirrups both contributing to the shear resistance as shown in Equation 11.2.

V,=V.+V,<8/f.b.d (11.2)

where V. = shear strength from concrete
Ve = shear strength from steel stirrups

For the deep beam provisions, the V. term includes the effect of the ratio M/V, at the criti-
cal section. Also, the V, term considers the contribution of horizontal stirrups to the shear
resistance. Using the deep beam provisions for specimens A and C, the upper limit on
shear strength controlled. The design capacity for both specimens was 95 kips, much less
than the test capacity given in Table 11.6. Thus, the deep beam provisions are also in-
adequate for the design of the pier cap region.

11.4.4  The Strut-and-Tie Design Method

Obviously, traditional design procedures for shear in the 1992 AASHTO and ACI
318-89 codes are inadequate to realistically predict the strength of the pier caps tested.
The load carrying capacity of the pier cap comes from direct compression of an inclined
strut (strut-and-tie model) and this action is not explicitly covered in the 1992 AASHTO
provisions or the ACI| 318-89 code. In contrast, the strut-and-tie method (26, 27) is well
suited to the design of abnormal geometries because the method simplifies the behavior of
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an indeterminate region into discrete load carrying members (27). Essentially, the strut-
and-tie method is a more general application of the classical truss analogy used for beams.
The method is also similar to the tension field concept for the shear strength of steel plate
girders. The strut-and-tie method is used to break a structure into a static force system
composed of three elements (26):

1. compression struts F—';—-]

2. tension ties

3. nodes T cpiTvecet| R
h c3 TOTAL COMPRESSION
A strut-and-tie model for the concrete pier y LOAD IN STRUT IS C1
in this research is shown in Figure 11.26. oo A Nbotes fe80-0
A summary of the state of the art of the > node2” “\;
strut-and-tie method and tests on strut-
and-tie elements is given by Bergmeister 5 %cz
et al. (27) from which stress limits for the j:
concrete are chosen. A— 22
¢

In applying the strut-and-tie C1=2:C3

model, five major assumptions are made. BOTTLENECK DETAIL

1. Failure coincides with the for-

mation  of ~a mechanism Fjgure 11- 26 Configuration of strut-and-tie
caused by yielding of one or model 1
more of the ties.

2. Concrete does not crush prior to yielding of the ties. The crushing is prevented
by limiting stress in the concrete.

3. Forces in the struts and ties are uniaxial.

4. All external loads are applied to nodes of the strut-and-tie model. When dis-
tributed loads exist, the model must realistically fit the applied loading.

5. Reinforcement is detailed so bond and anchorage failures are prevented.

11.4.4.1 The Model

Ties — Ties are tension carrying elements and in the pier cap can consist of rein-
forcing steel or concrete carrying tension. In this research, only reinforcing steel was con-
sidered. The strength available to a tie is taken as the yield capacity of the bars T = Af,
where A; = the area of steel in the tension tie and f, = the yield stress of the steel. The
strength check for the tension ties is very straightforward, but there are several other con-
cerns. First, following the major assumptions of the strut-and-tie method, the main rein-
forcement should yield at the ultimate load. To allow a ductile failure, the bars must be
able to undergo plastic deformations before crushing of the concrete begins (27). Second,
the bars must be able to develop the required strength at the node location. This condition
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means that the bars must have adequate anchorage behind the node. Also, tension steel
should be evenly distributed over the full width of the tension tie. Finally, consideration
should be given to crack control under service loads.

Struts — Struts are compression-carrying elements and consist of concrete and
compression steel that does not buckle. Three basic concrete compression struts are
available. The models proposed for the pier cap use only the prismatic compression strut.

The allowable load in the strut is the sum of the contributions from the steel and
concrete:

C = Cs

where C, = A vfl = compression in the concrete

where A. = area of the strut (11.3)
v = concrete efficiency factor
fs = stress in steel

The concrete efficiency factor accounts for the different strength of concrete in the structure
as compared to the strength measured by cylinder compression tests. Bergmeister (27)
suggests using the following concrete efficiency factors:

v = 08 jfor f!<4,000psi
v = 09-025 Je Jor 4,000 < £/ <10,000 psi

10,000 (11.4)
v = 065 for f/210,000 psi

Since concrete strength was 4,000 psi for Specimens A and C, v is taken as 0.8 for the
strut-and-tie models considered.

A detailed discussion of nodes is given elsewhere (6). The principle use of the
nodes is to determine the forces required for the ties required within the strut. The forces
at the nodes are determined by the geometry of the truss model which are related to the
diffusion angle @ (See Figure 11.26) and the indication of the strut O.

The layout of members and nodes of strut-and-tie model is shown in Figure 11.26.
The heavy compression strut is modeled with a “bottle” strut which provides an indication of
transverse tensile forces. The net compression ioad carried by the bottle strut is C1, and
the angle of inclination of this strut is 6. At nodes 1 and 2 struts C2 are separated by an
angle 2*¢. The strut diffusion angle defines the slope at which compression forces spread
from under the base plate and is given by Equation 11.5. The compression field width in
Equation 11.5 is not the same as a strut width, but represents an outer boundary to the
compressive stress field under the base plate. The value for “h” is determined considering
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the physical boundaries of the structure as shown in Figure 11.27. The limit on the dis-
tance “n” is found where a 45° line starting at the centerline of the base plate intersects the
edge of the structure. The value of “h” is the smaller of m and 2*n. For the pier studied,
the compression field width, h, is the depth of the pier cap (14.5”) as shown in Figure
11.26.

P diffusion angle ¢ = 12 3
J w
base plate \/;
A (1.5)
where
45 w = bearing plate width
< (——n->('ﬁ—) m h = compression field width
11.4.4.2 Analysis Results from Strut-and-Tie Model.

:reaction

The analysis results using the strut-and-
tie model with several different levels of com-
pression steel assumed to be active in the com-
Figure 11- 27 Determination of the pression strut are shown in Table 11.7. For

compression field width ~ Specimen C, the model with Cs = 119 kips is not

listed as the column bars that were assumed to

have yielded did not fit within the calculated compression field. The results from tests on
Specimens A and C are summarized in Table 11.8. Physically, the analysis models agree
with test results as the angles of Strut C1 inclination for the strut-and-tie models are close
to the observed cracking pattens. For Pier A, the loads predicted by the strut-and-tie
analyses agreed very well with test results. For Pier C, however, the strut-and-tie model
was extremely conservative, predicting less than half the tested capacity. The strut-and-tie
results for Pier C showed better correlation to the load at which reinforcing in the top layer

Table 11-7 Specimen Capacity and Member Forces for Strut-and-Tie Model

Pler A Pler C
Analysis -1 1-2] 1-3 1-4| 1-§
Capacity, P | 311] 344| 373] 132] 159
ratio of theory/test 0.79] 0.87| 0.94] 0.44] 0.53
Inclination, q1 67 69| 70.5] 78.8( 80.7
Compression in Steel 0] 58] 119 0] 58
K 132] 132] 132] 26.1| 26.1
T2, horizontal| 44.3] 49| 53.1] 18.8] 22.7
T2,vertical 18.8] 18.8| 18.8 3.7 37
Forces C1 338] 368] 3951 134| 162
(kips) c2 176] 191 206] 69.9] 84
C3 169] 184| 198] 67.2] 80.8
C4 132| 132| 132] 26.1| 26.1
C5 311| 344| 373] 132| 159
Centroid 4.68| 4.35] 4.09] 2.52| 2.11
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Table 11-8  Tested Capacities for Pier A and Pierc  Y€lded during testing, about 200
to 217 kips. It is reasonable that

the strut-and-tie model is more ac-

P —— X X
_ Pier AJPier Cl  curate in predicting the specimen
Average Capacity 395 | 299 yield load, because the strut-and-
Average Inclination of Main Strut Cracks | 66° | 75° tie method assumes failure occurs
Test 1 Capacity (kips) 368 | 298 | with yielding in the ties. The dis-
Test 2 Capacity (kips) 387 | 209 crepancy between the Model
Test 3 Capacity (kips) 430 | - strength predictions and the tested

specimen capacities can be ac-
counted for by load carrying components other than the tie/arch action accounted for in the
strut-and-tie model. Additional strength may come from dowel action, aggregate interlock,
and shear transfer in the uncracked concrete (25).

The compression steel force assumed in strut C5 had a significant impact on results
of the strut-and-tie analyses. There was a direct correlation between C, and the predicted
pier capacity, with the pier capacity rising with larger Cg values. This trend can be ex-
plained by looking at the inclination of strut C1. As the force in the compression steel rises,
the centroid of C5 moves closer to the edge of the column, increasing the angle of inclina-
tion of strut C1. For a larger angle of inclination, the vertical component of the main strut
increases, enlarging the predicted specimen capacity. The extent of this increase in ca-
pacity is limited by the allowable compression stress in the main compression strut, and the
capacity of the tension tie T1.

The difficulty of using a strut-

Table 11-9  Limitations on the Components of T2 2nd-tie model as an analysis tool can
Based on Reinforcing in the Test be seen by considering tie T2. The
Specimens horizontal and vertical components of

T2 are listed in Table 11.7 because
those components match the orienta-

Pier A Pier C . . .
Maximum T2 Horizontal [19.8 Kips |15.6 Kips tion of St'm(‘:ps (t_);rs. B T:d ls) n tthef
Maximum T2 Vertical [ 6.6 kips | 5.2 kips pier cap. —Lonsidering the layout o

reinforcing in the test specimens, the
limits for the components of T2 are given in Table 11.9. For both Piers A and C, the strut-
and-tie analysis predicts larger forces than the stirrups can handle. However, the magni-
tude of T2 depends greatly on the diffusion angle, which is only generally known. Also,
tension in the concrete has not been considered. Because of the uncertainty of the magni-
tude of transverse tensile forces, the inadequacy of stirrups as predicted by the strut-and-
tie model was ignored because all the analysis results were conservative. When examin-
ing member forces from an assumed model, the allowed stresses on T1 and C1 were used
to judge the validity of the analysis as T1 and C1 are the most critical load carrying compo-
nents of the model.

While the strut-and-tie models did not accurately predict Pier C capacity, strength
predictions from the models agreed quite well with Specimen A test results. The poor re-
sults for specimen C can be partially explained considering the assumption of the strut-and-
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tie model that load is carried only through the action of a tied arch. If the size of T1 is re-
duced to zero kips, the strut-and-tie model predicts that the specimen capacity is zero.
However, the specimen will have as a minimum capacity the concrete strength in shear.

Specimen C could not reach the available capacity of the inclined compression strut
because the restraining tie at the top of the pier cap was too small.  Since the compres-
sion strut for pier C is not fully used, the contribution of shear carrying mechanisms such as
aggregate interlock make up a larger proportion of the total load in specimen C. Because
the strut-and-tie model only considers the capacity provided by direct strut action, there will
be less accuracy for Pier C as the compression strut capacity was not reached. For speci-
men A, the other shear carrying mechanisms carry a smaller portion of the load, so the
strut-and-tie model had more accuracy.

To account for the load carried by shear in the concrete, a concrete shear strength
term, V., can be added to the strut-and-tie strength. Using the upper limit on V. from the
ACI| 318-89 deep beam provisions, the shear contribution is:

V., = 6Jf! b,d = T2kips

where
. = 4,000 psi (11.6)
b, = 145 inches

d = 130 inches

The specimen capacities resulting when the concrete shear strength term is added to the
strength of strut-and-tie Model are shown in Table 11.10. The addition of the V. term to the
strength from strut-and-tie Model greatly improves results for specimen C. For Piers A, the
addition of the V. term gives results that are slightly unconservative when the effect of
compression steel is considered. However, compression steel is not typically used in strut-
and-tie designs, so the inclusion of the V. term for Piers A would be acceptable. Further
consideration of a concrete shear strength term, V., in addition to the strut-and-tie strength
should be developed in future reports.

For the strut-and-tie analyses, the force in T1 was assumed. This assumption is
critical, because the tie capacity used in the strut-and-tie analysis limits the specimen ca-

Table 11- 10 Predicted Specimen Capacities when a V, Term is Added to Strengths from

Strut-and-Tie Model
Pier A Pier C
Analysis 1-1 1-2] 1-3 1-4| 1-5
Capacity from Strut and Tie Model (kips) 311| 344[ 373 132 159
Old Ratio of Theory/Test 0.79] 0.87| 0.94] 0.44| 0.53
V¢ Term (kips) 72 72 72 72 72
Strength from Model and Vc Term (kips) 383| 416 445| 204| 231
New Ratio of "I’heory/Test 0.97| 1.05] 1.13| 0.68| 0.77
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pacity by equilibrium at node 1. For specimen C, strain gages on the bars showed that all
bars in the top layer of the pier had yielded before the peak ioad was reached, so the yield
capacity of the bars was used for the strut-and-tie model. Since bars in the top layer of
specimen A did not have strain gages, the force in the bars had to be assumed. For
specimen A, the force for T1 was assumed as the full yield capacity of the bars in the top
layer, 132 kips. This assumption gave strut-and-tie strength predictions that agreed well
with tested results. However, it is very unlikely that the full yield strength of all bars in the
top layer of pier A was reached. For specimen C, the #3 bars in the top layer of the pier
yielded at a load of around 200 kips. Since the area of a #3 bar is 1/4 that of a #6 bar, the
force in the #6 top layer bars of specimen A was probably 1/4 the yield capacity of the #6
bars at a load of 200 kips. Extrapolating to the capacity of specimen A, the #6 bars would
probably see a load of about 1/2 their yield capacity at a load of 400 kips.

The anchorage of the bars can also be considered in predicting the actual force in
tie T1. For specimen A, inspection of the failed specimen showed no signs of bond dis-
tress. However, for the straight bars in specimen A, the available development length for
the bars was very small and inadequate to develop the yield strength of the bar. [f the
straight bars in specimen A had to develop a large portion of their capacity, bond distress
would have been observed as for specimen B. This discrepancy between the assumed
force and observed behavior can partially be explained by considering tension in the con-
crete. Also, the strut-and-tie model only considers the action of the tied arch to carry loads.
However, other shear carrying mechanisms carry load, so the strut-and-tie model will over-
estimate the required steel in the top layer.

For strut-and-tie Models, the analyses considered the effect of compression in the
column steel. The inclusion of the steel increased the angle of strut inclination, enlarging
the predicted capacity of the pier. Since no strain gages were located on the column steel,
the magnitude of Cg assumed was very arbitrary. Still, the inclusion of compression steel in
the strut-and-tie model reflects the behavior of the specimen and increased the strut-and-
tie model accuracy. However, the effect of compression steel has not been considered in
the general strut-and-tie theory at this point. One of the problems of using compression
steel is an inability to check the stress at a CCC node. Because the strut-and-tie theory
has not yet developed procedures for considering compression steel the effect of com-
pression steel was ignored in the design example.

While the strut-and-tie model results give conservative estimates of the specimen
strength, either model predicted strength much more accurately than a conventional
analysis. To increase the strength predicted by a strut-and-tie model, a concrete shear

Table 11- 11 Comparison of Average Ratio of Theory/Test Capacity
for Different Design Methods

Average Ratio of Theoretical Capacity to Tested Pier A| Pier C
Strut and Tie Model Plus a V¢ Term 1.05] 0.73
Strut and Tie Model 0.87] 0.49
Corbel Analysis 0.38] 0.18
Deep Beam Analysis 0.24] 0.32
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strength term may be added to the strut-and- L1=12-0"
tie capacity. The average ratios of the theo- / 4
:Im =4'-0"

retical load to tested specimen capacity for all
design methods are summarized in Table K 1
11.11. Additionally, all strengths predicted by

the strut-and-tie models that met limit stresses PLAN VIEW OF PIER CAP
in the main strut-and-tie were conservative. P
\ 4
11.4.5  Design Example Using Strut- — =
and-Tie Model } =4 .0
A design example using the strut-and-
tie method for a typical pier cap geometry is Ay 1A
presented. Strut-and-Tie Model is used, with ke Y >!
the calculations presented identical to those L2=12'-0"
used to analyze the scale specimens. For the PROFILE VIEW OF PIER CAP
design example, the benefit of compression
steel in the column was not considered as _ L3=8-6"
explained previously. The example is based =
on ultimate strength design, which is the ac- B2 =3'-6"
cepted procedure for use with the strut-and-tie

method. For ultimate strength design, the
criteria for specimen nominal strength is ¢P, =
P, where P, = factored load; P, = nominal Figure 11-28 Pier cap geometry for the
strength; and ¢ = strength reduction factor. Example Problem

SECTION A-A

PROBLEM STATEMENT

Determine the base plate size and pier cap reinforcing for the pier cap geometry
shown in Figure 11.28 using the strut-and-tie model shown in Figure 11.29.

LOAD, DIMENSIONS, AND MATERIALS

P = 1,200 kips, a service load
L1 = 12-0"

L2 = 12-0"

L3 = 8-6"

B1 = 4-0"

B2 = 3-6"

h = 4.0"

f' = 3,600 psi

fy = 60 ksi

cover = 21/4"

The given load is a service load, so this must be transformed to a factored load. A load
factor of 1.6 was used since individual load components were not known.

Py
Py

(load factor)P = 1.6*1,200
1,920 kips
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SIZE THE BASE PLATES

w

Base plates are sized using the 1992 P
AASHTO provisions, section 8.16.7. i
P, = 1,920 kips cgnedet) 2T
c3 TOTAL COMPRESSION
F = 0.7 for bearing a \7 LOAD IN STRUT IS C1
c \hode 3
P, = nominal  bearing S > B=90q
strength e
c2
P,required =  P,/F = 2,743 kips s c7
w
P, = 0.85f A(AJA)%° ’
where c1=2"cC3
BOTTLENECK DETAIL

A4 = Dbase plate area
Figure 11- 29 Strut-and-tie model for Example

Az =  surrounding area of Problem
concrete, taken as
the area of a circle with a 4'-0" diameter = 1,810 in?

Try a base plate with w = 25"
so P, = 0.85*3.6*625*(1810/625)*° = P, = 3,250 kips > P, required

Obviously, a smaller base plate could be used. However, too small a plate will not
adequately distribute load across the full pier cap width. For tested specimens, the ratio of
base plate size to strut width (w/B) was 0.6 (8.75"/14.5"). Using a 25 inch base plate gives
a ratio of plate width to strut width w/B = 0.6 (25"/42") to conform with the tested speci-
mens. The strut width is chosen as the column width, 42", which is smaller than the pier
cap width, 48". The column width is used for the w/B ratio as the smaller width will control
strut widths. ’

SIZE C5 AND FIND THE LOCATION OF ITS RESULTANT

To find forces in the struts and ties, the angle of inclination, 6, is needed. Since C5
= P,,, the centroid of C5 can be found knowing the applied load. The inclination angle, 6,
can then be determined based on the location of the centroid of C5. To find the required
P, for the pier cap, a @ factor is needed. One @ factor = 0.90 is used for the entire pier cap

design.

= = 1,920 kips
) = 0.9
P, = P.J/® = 2,130 Kips = required pier cap strength
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Knowing P, the centroid of C5 can be found be-
cause C5 =P,

B2=36"

wC5
COLUMN CROSS SECTION

Figure 11- 30 Cross section of Strut C5

f.q = concrete design strength = uof.' for all struts
in the model
where v = 0.8 from section 4.4.4.2

feq = of.' = 2.88 ksi

AC5

area of strut C5 = C5/f4 =
740 in®

Consider the total area of strut C5 as two pieces,

A1 and A2, as shown in Figure 11.30

AC5 = A1+ A2
A1 =

column
A2 = AC5 - AC1=47in°
z = A2/B2 =1.1in
wCh =

The centroid of AC5 is then found,
Xeg = 12.7"

693 in’ so strut C5 must extend into the rectangular section of the

z + B2/2 = 22.1" = the width of strut C5.

FIND THE INCLINATION ANGLE OF THE BOTTLE STRUT, 6

< A
T1 \node 1
d
0
node 2—__ 0
0 Y
E—>

Figure 11- 31 Location of Node 2 in the
strut-and-tie model

The location of node 2 is the inter-
section of struts C1, C4, and C5, and is de-
fined by x4 and 6, the angle of inclination,
as shown in Figure 11.31. The inclination
angle, 6, can be found knowing the centroid
of strut C5, x.g, and the depth of reinforcing,
d.

d = h - cover - di/2
Assuming a #11 bar in the top layer, d, =
1.41", so

d = 48 - 225 - 1.41/2 =
45.0"
0 = 90° - 0.5 arc sin

[2x.4/d] = 72.8°
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KNOWING 6, CHECK T1 AND ASSUMED d

T1 Pq/tan 6 = 2,130/tan 72.8 = 659 Kips
AT1 = area of steel for T1 = T1/f, = 11.0 in?
Use 8 #11 bars, with As = 12.48 in?
= this implies that 2 layers of steel will be needed
RECALCULATE 6 USING TWO LAYERS OF STEEL FOR T1
for 2 layers of steel, use clear spacing of 2d, = 2.82" for a #11 bar
d = h - cover - d, - clear spacing/2 = 42.9"

sonew8=  90°0.5 arc sin [2x.¢/d] = 71.8

Check T1 using the new 6

T1 = Pn/tan © = 2,130/tan 71.8 = 700 Kips
AT1 = T1/f, = 11.7 in? < 12.48 in? provided, OK
FIND ALL MEMBER FORCES

Compute the diffusion angle:

@ = 2 + 3/[(wh)*®] = 16.2°

Pn = 2,130 kips

T1 = 700 kips

0 = 71.8°

c1 = P./sind = 2,242 kips

Cc2 = 0.5 C1/cos @ = 1,167 kips
c3 = C1/2=1,121 kips

C4 = T1 =700 kips

cs = Pn = 2,130 kips

T2 = .5 C1 tan ® = 326 kips
T2horiz = T2 sin 6 = 310 kips = horizontal component of T2
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T2t = T2 cos 6 = 101 kips = vertical
component of T2 Aq =70.8

CHECK STRESS AT THE CCC NODE, NODE 2 f
AC1
The layout of the CCC node is shown in Figure
11.32. AC1 is the area of compression strut C1 at ., Xc75|
this node. Since ACS5 is a combination of a circular
and a rectangular section, AC1 is found by project- >
. €71 X
ing from ACS. —
(,j [~~~ AC1
ACA1 = ACS5/sind = 740/sin 71.8 =779 S
in? wC5
wC4 = the width of strut C4 Figure 11- 32 Geometry of the CCC
nade (Node 2 in the
0.5wC4 = c/tan6=3.09" strut-and-tie model)
wC4 = 6.18"

The column width is used to find AC4 as the column width limits the strut width.

AC4 = B2 wC4 = 260 in®

cCs = the stress on strut C5 = C5/AC5
cC5 = 2.88 ksi=fy OK

oC1 = C1/AC1=2.88ksi=f,y OK
cC4 = C4/AC4 = 2.67 ksi < f.q OK

All strut stresses at the node are less than or equal to the limiting concrete design
stress, but a hydrostatic state of stress does not exist as all three stresses are not equal.
Since the stress at the node is not hydrostatic, the checks suggested by Schlaich (26) are
used:

1. All strut stresses at the node are within design limits.
2. The smallest stress ratio between faces of the node is greater than 0.5.

Check: 2.67/2.88 = 0.93 >0.5 OK.

Since both checks are met, this node is satisfactory.

DESIGN STEEL FOR T1 AND THE COMPONENTS OF T2
T1

700 kips

AT1 T1/, = 11.67 in® = area of steel required for T1
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For T1, use 5 #11 bars and
4 #10 bars, As = 12.88 in?

The layout of T1 steel at the
top of the cap is shown in
Figure 11.33.

For the components of T2,
horizontal and vertical stirrups are
used. Since there are two ties T2 in
the bottle strut, steel must be pro-
vided to resist 2*T2. Since steel will
be distributed on each face of the
pier, the steel required for T2 is
provided on each face of the pier
cap.

T2horiz = 310 kips
AT2p0; = T2h0r/fy = 5.17 in?
on one face of the cap

for T2h°£iz use 6 #9 bars, As
=6.0in

The horizontal stirrups for T2 are
evenly spaced across the depth of
the pier cap as shown in Figure
11.33.

T2ven 101 kips

T2ve/fy = 1.68 in® on one
face of the cap

AT2et

for T2,eq USe 3 #7 bars, As = 1.8 in®

The vertical stirrups for T2 are spaced
across the width of the compression.

CHECK STRESSES AT THE CCT NODE

The geometry of the CCT node,
node 1, is shown in Figure 11.34. Since
the bearing stress is within its limit and T1
can be provided, only the stress in C1
needs to be checked.

To compute the area of C1 at this
node the column width, B2, is used as the

LAYER 1
LAYER 2

BASE PLATES

f 25" X 28"

CLEAR SPACING =2.8"

7 EQUAL SPACES

ba
#

2 S
7 -t
sD 2@4"
] #7

(&

bars E

L2=12'-0"
PROFILE VIEW OF PIER CAP

BARS A1 AND A2
BARB 2-1/4" COVER
N v
1

—1
)14 EQUAL SPACES

Y

“BARS E

BARS A1 AND A2 MADE CONTINUOUS BY A WELDED SPLICE

LAYER 1 - BARS A1, A2 AND B#11

BARS C1 AND C2
2-1/4* COVER

( ) BAR SPACING IDENTICAL
TOLAYER 1

BARS C1 AND C2 MADE CONTINUOUS BY A WELDED SPLICE

LAYER 2 - BARS C1 AND C2#10

Figure 11- 33 Steel reinforcing pattern from the Ex-

ample Problem

= 25"
= >

P = 2,130¥

v

#11 bars

<T1 w1

#10 bars
0=7078

Figure 11- 34 Geometry of the CCT Nade (Node

1) in the strut-and-tie model
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strut width instead of the pier cap width, B1. The smaller width is used because loads from
the base plate can only be distributed over a limited concrete area.

wll = o1y + dopro + 5= 1.41+ 1.27 +2.82= 55"
wC1 = w sin 6 + wT1 cos 6 = 25.5"

c1 = 2,242 kips

AC1 = B2 wC1 = 1,071 in?

oC1 = C1/AC1 =2.09 ksi < f,4 OK

CHECK STRESSES IN C2, C3, AND NODE 3

Since the stress in C1 has been checked at both nodes 1 and 2 and is satisfactory
there, both oC2 and oC3 will meet allowable stresses. The stresses at the nodes are most
critical, because the area at the nodes is smallest. For struts C2 and C3 the load can dis-
tribute over a larger area, reducing stress. Using a similar argument, nodes 3 do not need
to be checked. Also, node 3 does not need to be checked as T2 is spread over several
stirrups.

CHECK ANCHORAGE REQUIREMENTS FOR T1 TIE

At the CCT node, the strut-and-tie method requires the full tensile strength of the
bars to be provided. The development length is calculated using the 1992 AASHTO provi-
sions, section 8.25.

Iq = {A B ...} s = the development length of a bar
A, B are multipliers based on rebar placement

0.04 A, f,/(f.)°° = 62.4"

lab

A = 1.4 = multiplier for top bars
B = 0.8 = multiplier for large lateral spacing
lq = ABlyp=70"

Since the development length is extremely large, straight bars can not be used to
provide the full strength of T1. Therefore, continuous loops are used to provide anchorage
as shown in Figure 11.33. The AASHTO provisions do not specify a development length
for a full U, so the 1992 AASHTO provisions for a standard 180° hook, section 8.28, are
examined.

lan {A B ...} l» = development length of the hook

o 1,200 dy/(f,)%° = 28.2"
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A 0.7 = multiplier for cover
Idh = A Ihb =20.0"

This length can be provided under the base plate, so the development of the U hoops is
considered adequate.

The area of steel that can be developed at the CCT node is thus the full strength of
the U shaped hoops, and the developed strength of the straight bar. As suggested by
Bergmeister (27), the development length begins at the edge of the base plate.

AT1

4 A#11 + 4 A#10 + A#11 (l4 provided/ld available)
ld provided = 20" based on the bar layout shown in Figure 11.33.
AT1 = 4(1.56) + 4(1.27) + 1.56(20/70) = 11.77 in? > 11.67 in” reqd.
Thus, tie T1 can provide the full capacity needed at the CCT node.
SUMMARY OF THE EXAMPLE PROBLEM

The reinforcing design for the example problem pier cap is shown in Figure 11.33.
Using the strut-and-tie method, steel reinforcing for the pier cap can readily be designed.
The main considerations in the strut-and-tie analysis shown were checks of the nodes, se-
lection of reinforcement, and anchorage of reinforcing. Since the column width is less than
the pier cap width, the column width was used to limit strut widths. Also, the base plate
width is kept larger than required to allow distribution of loads across the pier. The tested
specimens had a ratio of base plate width to strut width of 0.60, so this ratio was used for
the full size pier. The calculations in the design example are lengthy, so a simplified pro-
cedure to predict the pier cap strength should be developed in future research.

COMPARISON OF EXAMPLE PROBLEM REINFORCING STEEL TO A TYPICAL TxDOT
DETAIL

The amount of reinforcing required for the strut-and-tie design example is much
greater than that typically used by TxDOT. For the given geometry, a pattern of reinforcing
often used by TxDOT is shown in Figure 11.4. The TxDOT steel detail has only cne layer
of #11 bars in the top of the pier cap for the main tension tie, T1, as opposed to two layers
in the strut-and-tie design -#11 and #10 bars. Also, the TXDOT detail uses 3 layers of #6
bars for the horizontal stirrups as opposed to 6 layers of #9 bars for the strut-and-tie de-
sign.

To judge whether the difference in the two steel reinforcing details represents an
understrength of the TxDOT design or the conservatism of the strut-and-tie method, a strut-
and-tie analysis was made of the typical TxDOT design shown in Figure 11.4. The analysis
used no compression steel, the full yield capacity of the of the bars in the top layer of the
pier cap, and the column width as the strut width (the same parameters used for analysis 1-
1 of Table 11.7). Using these parameters the strut-and-tie analysis predicts a capacity of
the TxDOT design as P, = 1,747 kips which was less than the P, = 2,130 kips used in the
strut-and-tie design. However, for the strut-and-tie analysis of the tested specimens using
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the same assumptions (no C, and full f), the average tested specimen capacity was 27%
greater than the strength from the strut-and-tie analysis (395/311 = 1.27). Thus, the true
average capacity of the full size detail is probably closer to 1.27*1,747 = 2,220 kips. If the
minimum tested strength for test specimen A is used, the tested pier capacity is only 18%
larger than that predicted by the strut-and-tie analysis (365/311). Thus, the /east capacity
of the full size pier is likely 1.18*1,747 = 2,070 Kips which is slightly less than the required
design strength P, = 2,130 kips. This indicates that existing piers may have a factor of
safety less than expected for bearing loads.

The above strut-and-tie analysis of a full size pier, and extrapolation of analysis re-
sults based on tested scale specimen capacity may be slightly inaccurate because there
are several differences between the test specimens and full size piers. For the tested
specimens, f.' = 4,000 psi as compared to 3,600 psi for the full size piers. The different
concrete strength will change the concrete tensile strength, which may result in a different
strut inclination. A different strut inclination will change the contribution to the pier cap
strength of other shear carrying mechanisms such as aggregate interlock. The different
concrete strength will also affect the development length of the reinforcing. For a larger
concrete strength, the required anchorage length is smaller. Finally, for the scale speci-
mens, the column width was the same as the pier cap width. For the full size pier caps, the
column width is less than the pier cap width. This reduced column size will increase the
concentration of stress on the end of the column, resulting in earlier spalling.

A determination of the adequacy of existing full size pier caps is difficult, and can
only be made on a case by case basis considering both the load and geometry. As a fur-
ther consideration of the adequacy of current designs, the performance of existing piers
can be considered. To the authors knowledge, details as shown in Figure 11.4 have per-
formed adequately. However, it is difficult to quantify the loads that existing piers have
actually sustained. The calculated bearing loads are typically conservative, so the smaller
magnitude of true bearing loads must be considered if the performance of existing pier
caps is to be projected to new designs. Improved analysis techniques to more accurately
calculate bearing loads are currently being developed in a related study concerning the
behavior of the steel bent to pier cap connection.

To give criteria for evaluating the adequacy of pier caps from field inspections,
cracking patterns on test specimens A at a service level are considered. For the A series
specimens, the average service load is 395 kips/1.6 = 245 kips. At this service load, flex-
ure/shear cracks extended about half way across the depth of the pier cap. Under a serv-
ice load, cracks on full size piers should have a maximum size of 0.016" based on crack
sizes observed on the scale specimens. Signs of concrete distress on the pier cap that
would indicate overloads on the bridge or pier cap inadequacy are:

1. Significant crushing at the pier/cap column interface. If spalling of the concrete occurs,
the pier cap has seen severe loadings.

2. Splitting cracks on the top of the pier indicating bond failure for the straight bars in the
top layer of the pier cap.

3. Maximum crack openings on the pier significantly larger than 1/16".
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4. Cracks extending across the full depth of the pier cap that have a significant width for
the full length.

If any of the patterns of concrete distress listed above are observed, rehabilitation of the
pier cap may be desirable.

Because there is some uncertainty as to the adequacy of the current steel reinforc-
ing pattern, the strut-and-tie method is suggested for future designs. The strut-and-tie
method is superior to conventional design techniques that could be used for the pier cap.
The strut-and-tie method allows a logical design of reinforcing, and is a conservative design
technique. To improve the efficiency of the strut-and-tie method, further research should
be conducted into the addition of a concrete shear strength term to the strut-and-tie capac-

ity.
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CHAPTER 12
SUMMARY AND CONCLUSIONS

12.1 PROBLEM STATEMENT

At congested highway interchanges, horizontal and vertical clearance requirements
may dictate the use of narrow piers and shallow depth cap girders to accommodate the
various roadways and overpasses. In situations such as this the state of Texas uses
horizontally curved steel plate girders as the bridge structural system, supported on integral
steel cap girders at single column piers. Two bearings are used to connect the steel cap
girder to the concrete pier. Due to the narrow pier, unbalanced loading may produce a
transverse overturning moment at the pier; the bearings resist this moment by developing
a couple, with one bearing loaded in compression and one bearing loaded in tension.
When the unbalanced loading is caused by truck traffic, which is cyclic, the bearing
resisting the uplift is subject to fatigue loading.

The standard connection used by the state of Texas is an in-house design that
comprises a line rocker bearing, which accommodates the longitudinal direction rotation,
and embedded anchor bolts that are used to both resist potential uplift and to provide a
positive connection from the cap girder to the pier. The anchor bolt stress that develops
due to the longitudinal direction rotation is reduced by placing a bearing pad in series with
each anchor bolt. The behavior of this connection is not well understood and the detailing
is complex. The objectives of the research were to examine and categorize the behavior of
the existing connection and to develop a new detail that is simpler and cost-effective. The
steel reinforcement at the top of the concrete pier have a geometry whose design and
behavior is not explicitly covered in design codes.

This research produced a new detail for the connection between an integral steel
cap girder and a concrete pier, and provided a better understanding of the behavior of the
current standard detail. The primary research method was the experimental testing of
large-scale connection models, which was supplemented with mathematical modeling and
finite element analyses.

12.2 PHASE | SUMMARY AND CONCLUSIONS

Summary

The first phase of the research centered on the experimental testing of the standard
connection detail. Seven tests were conducted in both the longitudinal (direction parallel to
traffic flow) and transverse (direction perpendicular to traffic flow) directions. The variable
in the tests was the type of bearing pad used in series with the anchor bolt; the purpose of
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the bearing pad is to increase the longitudinal direction flexibility of the connection.
Mathematical models were developed to describe the behavior of the connection. Methods
were developed for easily determining the longitudinal rotation at the pier supports, for
calculating the rotational stiffness of the connection and the forces produced in the
elements of the connection as a result of the rotation, and for estimating the pretensioning
force.

Conclusions
The major conclusions of the first phase of testing are listed below:

1. The standard connection detail behaves as expected in the longitudinal direction. The
stresses produced in the anchor bolts due to the longitudinal rotation are typically much
less than the allowable tensile stress range of 8 ksi if a neoprene bearing pad is used in
series with each anchor bolt.

2. The standard connection detail should not be used to resist uplift. The connection
flexibility necessary for the longitudinal direction adversely affects the performance of
the connection in the transverse direction. Since some portion of the uplift force
comes from the cyclic truck loading, the uplift bearing is subject to fatigue. The fatigue
problem may be solved by pretensioning the anchor bolts, but this option is precluded
because of the connection flexibility cited above.

3. A cost-breakdown from the fabricator showed that the rocker bearing is responsible for
a significant portion of the cost of the cap girder and the connection.

12.3 PHASE Il SUMMARY AND CONCLUSIONS

Summary

Based on the results of the first phase of the research, a new connection detail was
developed that addressed the deficiencies of the standard connection. The first deficiency
was that the standard connection may not be used in situations in which uplift occurs. This
problem was solved by replacing the threaded anchor bolts with high-strength threadbar.
Since threadbar is specifically designed for pretensioning, the damaging tensile stress
ranges that the uplift connection would be subject to can be reduced. The second
deficiency was the cost and labor-intensive fabrication requirements of the rocker element.
This problem was solved by replacing the rocker with a wide-flange bearing section. A
significant decrease in the cost of the connection was realized by this change.

The second phase of the research was focused on three areas: determination of
the compressive strength of the wide-flange bearing web, establishment of the fatigue
characteristics of the wide-flange bearing when subject to an out-of-plane shearing force,
and the performance of the connection system in the transverse and longitudinal directions.
Nine compression tests were conducted on three different wide-flange sections; W12X87,
W12X152, and W12X230. The specimens were either two feet or three feet wide, and the
failure loads ranged from 450 kips for a two foot side W12X87 to 1850 kips for a two foot
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wide W12X230. The same sections sizes wee used for the fatigue tests. Ten tests were
conducted on specimens that were twelve inches wide; in six of the tests, two specimens
were tested simultaneously and in four of the tests one specimen was loaded. Two sets of
full-scale tests were conducted on connection systems using the W12X87 section and the
W12X152 section as bearings. Longitudinal direction and transverse direction tests were
conducted in a manner similar to the large scale tests conducted in the first phase of the
research. The behavior of the system with and without pretensioned anchor bolts was
examined. The transverse direction tests were taken to failure.

1.

Conclusions
The major conclusions of the second phase of the research are listed below.

The bearing compression tests showed that the wide-flange web buckles essentially as
column and that the buckling loads were in the inelastic and strain hardening range. A
procedure was developed such that the web could be designed using a simple
interaction equation by limiting the slenderness ratio of the web. The tests also showed
that the design procedure that TxDOT uses for design of the bearing plates is
conservative and not based on the actual bearing stress distribution. A method was
developed for a more realistic design of the bearing plates, treating them more properly
as a beam on an elastic foundation, that takes into account the actual bearing stress
distribution.

The fatigue tests showed that a wide-flange bearing subject to an out-of-plane shearing
load could be treated as a category A detail. Because a category A detail rarely
controls the design of a bridge member, fatigue should not be a concern in the new
detail. The tests also showed that for calculating the out-of-plane shear stiffness of the
bearing, the height of the bearing can be taken as h = d-2t;.

The longitudinal direction tests showed that the rotation is a linear function of the
moment and that the elements in the connection resist moment in proportion to their
rotational stiffness. The tests showed that stresses developed at the stiffener
termination point that may be high enough to cause a concern regarding distortion-
induced fatigue cracking. It was recommended that the stiffeners extend the full depth
of the cap girder web, cut just short of the top flange. Relatively simple equations were
developed for calculating the forces and moments in the wide-flange sections that
result both from longitudinal rotation and temperature.

The transverse direction tests showed that the new connection may be used in
situations in which uplift occurs. The connections behaved qualitatively as expected
and that pretensioning of the connections will reduce substantially the tensile stress
range in the anchor bolts. There was no significant reduction in the compressive load
carrying capacity of the bearing webs as a result of the eccentric loading produced by
the cap girder.
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12.4 CONCRETE PIER SUMMARY AND CONCLUSIONS

Eleven static load test were conducted to failure on six pier caps. For all
specimens, load on the pier cap was primarily carried by the action of a tied arch which
transferred load from the base plates into the column. Overall, specimens that had a
greater quantity of horizontal reinforcing steel and adequate development of horizontal
reinforcing had a greater capacity. To investigate the necessity of the continuous steel
loop around the perimeter of the pier cap, a specimen was constructed with only straight
bars in the top layer of the pier cap. When the continuous loop was not included in the top
layer of the pier cap reinforcement, shear cracks on the face of the pier opened extremely
wide because there was no reinforcement at the top of the pier to limit their growth. Bond
distress was also seen for the straight bars in the top layer of the pier cap because removal
of the continuous loop left only straight bars with short development lengths. Without the
continuous loop, concrete at the end of the pier cap was not confined and additional
punching occurred. Bearing capacity of the pier cap was increased by the confinement
provided by the continuous loop around the end of the pier cap so such a detail is highly
recommended.

Three design methods were used to analyze the strength of the pier caps tested:
1. AASHTO (1992) Corbel Provisions
2. ACI 318-89 Deep Beam Provisions
3. Strut-and-Tie Method

The corbel and deep beam provisions were very conservative in predicting the capacity of
the pier cap because they only consider concrete capacity in shear. On average these two
methods underestimated the pier strength by a factor of 3 to 4. Testing showed that the
pier cap resisted loads through a tied arch, which is a much stronger load-carrying
mechanism than concrete in shear. The strut-and-tie models used were much more
accurate than conventional design methods in predicting the capacity of the pier caps
because they model the compression arch action observed during testing. The strut-and-
tie method is suggested for design because strut-and-tie analyses gave the best correlation
with test results, modeled true behavior, and were still conservative.

12.5 FUTURE RESEARCH
The following are areas in which research is needed.
Fatigue strength of high-strength threadbar: No comprehensive research has been

done in this area and the data would be useful for connections that are subject to uplift and
require pretensioned high-strength threadbar.

Bearing plate design and concrete bearing strength: Simple methods were developed
to design the bearing plates based on a few experimental results. More research is
needed to verify the design methods proposed and to determine more accurately the
bearing stress distribution in the concrete.
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Flexural stiffness of concrete pier column: The horizontal forces developed in the
bearings are very sensitive to the length of the supporting pier column. In design the
length of the pier column is increased to account for the flexibility of the foundation. The
determination of this added length is at the discretion of the engineer. A more accurate
method for determining this foundation flexibility is needed.

Behavior of cap girder web: The interaction of the bearing stiffeners and the web
when it is subject to out-of-plane rotation needs further study. Some preliminary finite
element analysis studies were conducted to identify fatigue-sensitive areas at the
termination points of partial height stiffeners. A more comprehensive study should be done
to understand more fully the behavior of the cap girder web and its susceptibility to
distortion-induced cracking caused by the rotation of the longitudinal stringers.

Simplification of the strut-and-tie model: = The strut-and-tie models presented predicted
strengths that were 20 to 50 percent less than the tested specimen capacities. Closer
correlation to the tested pier cap strength was achieved by adding a concrete shear
strength term to the strength predicted by the strut-and-tie model. Additional research
should be conducted to refine the strut-and-tie model by adding a concrete shear strength
term. Development of the strut-and-tie theory to allow consideration of compression steel
is also desirable. Consideration of compression steel would more accurately model
specimen behavior, and would improve the accuracy and efficiency of strut-and-tie designs.

Continuous U stirrup: The development length required for U-shaped continuous
stirrups is not detailed in any code provisions. The U shape allows much shorter
anchorage lengths than straight bars. The continuous U stirrup will behave differently than
a standard 180° hook as both ends of the continuous stirrup are being loaded.
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APPENDIX A : DESIGN EXAMPLE FOR STANDARD TxDOT CONNECTION

The following example has been adapted from a design by an engineer at the Texas
Department of Transportation. The parameters of the bridge are listed below:

® Three span continuous plate girder bridge : 160° - 208’ - 180° = 548 total length
@ Radius of curvature is 1910’

@ Seven longitudinal girders spaced at 8 - 8", composite with concrete deck

@ Bearings at pier supports spaced at 12°

® Pier Columns are 18’ high with a 12’ X 4’ cross - section

This example focuses on the bearing connection design; the design of the éap girder itée.lf is not ‘
covered, nor is the design of the concrete pier cap. A schematic showing the location of the
forces acting on the cap girder and bearings are shown in Figure A.1. The sections of the
AASHTO bridge code relevant to each step are listed at the far right.

. LANE 1(12) LANE 2 (12 LANE 3(12)
10 10 10
TRUCK WIDTH
5 L+l | L+t | . LL+1 WL

Figure A1 Loads on Cap Girder
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Determine the Loads on the Cap Girder and Bearings
DEAD 1L.OAD

1.) Reactions from the longitudinal girders, including the V - loads

e
GIRDER LOAD DISTANCETOCL MOMENT

(kips ) (feet) (ft - Xips)

1 299 2600 7,774.00
2 297 1733 5,147.01
3 294 8.67 2,548.98
4 284 0.00 0.00

5 282 867 -2,444.94
6 278 -1733 -4,817.74
7 276 -26.00 -7,176.00
p 2010 ' 1,03131

2.) Assumed self - weight of cap girder
® 72" X 1" web; 24" X 2" flanges; 52’ long
Dmp = {2(72*1 + 2*24)/144 } * 490 * 52 = 30 kips
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LIVE LOAD

# OF LANES LOAD DISTANCE TO CL MOMENT
(kips ) (feet) (ft - kips )

1 211 23 4,853

2 422 23,11 7,174

3 570 311,11 6,963

TRANSVERSE LOADS

1.) Centrifugal Forces AASHTO *92 : 3.10.1

_ 668 82
R

o

where S = truck speed in miles per hour
where R = radius of curve in feet
® F, = C * (truck weight) = ( 6.68*70%/1910 ) * 72 = 122 kips / truck
® M = Fcp * (distance to top of bearings)

e
# OF LANES LOAD DISTANCE TO BEARINGS "MOMENT

(kips ) (feet) (ft - kips )
1 122 145 176.90
2 244 145 353.80
3 33.0 145 47850
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WIND LOAD

1.) On Superstructure in Transverse Direction (W) AASHTO 92 : 3.152.1.1
Wy = 50 psf
which acts on the depth of the superstructure

® Fyr = h*L * Wy = 10 * 194 * 0.05 = 97 kips
® My = Fyp * by = 97 * 7 = 679 fi - kips

2.) On Superstructure in Longitudinal Direction (W;)  AASHTO *92 : 3.152.13
W, = 12 psf
which acts on the depth of the superstructure
®F,; =h*L*W, = 10*194 * 0.012 = 233 kips
3.) On Live Load in Transverse Direction (WLp) AASHTO 92 : 3.152.12
WL = 100 pif
which acts on an assumed line of trucks

® Fypr =L * WLy =194 * 100 = 194 kips
® Myt = Fwpt * (distance to top of bearings) = 19.4 * 145 = 281 ft - kips
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4.) On Live Load in Longitudinal Direction (WL;) AASHTO 92 : 3.152.13
WL, = 40 pif
which acts on an assumed line of trucks
® Fy;p =L * WL = 194 * 40 = 7.76 kips
5.) On Underside of Bridge (OT) AASHTO *92 : 3153
OT =20 psf
which acts + on windward side at 1/4 point of deck

® For = Dy * L * OT = 58 * 194 * 20 = 225 kips
® M,y = For * Dy, * 025 = 225 * 58 * 025 = 3263 ft - kips

LONGITUDINAL FORCES
1.) Truck Braking Forces (LF) AASHTO ’92 : 39
LF =5%
which acts on the weight of a lane of trucks

®Fipg=LL*LF*n=182*005*n = 9.1n kips
= 9.1 kips ( 1 lane ), 18.2 kips ( 2 lanes), 24.6 kips ( 3 lanes)

2.) Temperature (T) AASHTO %92 : 3.16
8 =a AT = 0.0000065 /°F (50°) =325E-4ft / ft

which acts on the length of the center span
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The horizontal force on the bearings is determined by multiplying
the flexural stiffness of the colurmn by the displacement of the
column. The displacement of the column is:

L 208
A =8 -2 =325E-4 == = (338

The flexural stiffness of the column is shown below. The length
of the pier column includes the depth of the pier cap and is
increased by ten feet to account for the base flexibility and the
modulus of elasticity is decreased by 60% to account for creep.

- 12 (ED, 12 (3420 * 1327104) - 985 k / inch
(L, + Ly, ) (261 + 120 )

®Fp =k; A = 985%0338*12 = 40 kips
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LOADS ON BEARINGS AASHTO *92 : Table 3.22.1A

IC [ DL LL+I CF W OT WL T LF| = | RA RB
B | 10 10 10 03 03 10 10 10| - . -
VERTICAL LOADS
P | 200 211 - - 68 - - - | 2188 | 18 465
IM | 1031 4853 177 204 9 215 - - | 7519 | - -
2P (2040 42 - - 68 - - - | 2394 2032 362
2M | 1031 7174 354 204 979 2715 - - [10017 | -
3 2040 50 - - 68 - - - | 2542|209 443
3M [ 1031 6963 479 204 979 2715 - - [ 9931 | -
HORIZONTAL TRANSVERSE LOADS
v | - - 3 29 - 19 - -| 8 |[a&a a4
HORIZONTAL LONGITUDINAL LOADS
v | - - - 7 - 8 4 25| & [ 4 4

The B factor is a reduction factor to account for the improbability of the maximum wind occurring
simultaneously with the other loads. The loads and moments are lsted as iP for vertical load, iM
for overturning moment, and iV for horizontal load where 1 is the number of lanes of live load.
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Design of the Bearing Plates and Pin

Lower Bearing Plate

1.) Calculate Allowable Bearing Stress on Concrete AASHTO 92 : 8.152.13
=035 4, /4, 2035 2

e let £, = 3600 psi; A, = 48 in%; A; = 36
e £ = 03 (36) /(48% / 36°) = 144 ksi

2.) Determine Size of Plate
oL =/, /% = /(2099 ] 14%) = 382 inches
o f = 03 (36) /(48 / 38%) = 136 ksi
o L = J(2099 / 136) = 393 inches - use 39" X 39" plate

Middle and Upper Bearing Plates

1)) Assume Three Stepped Plates (shown in Figure A.2)
o P .. =209 kips; L = 39" |
e w = 2099 /39” = 1.38 kips / inch
e M = 138 (39%)/4 = 262 inch - kips _
The bearing plates are assumed to resist a uniformly distributed load.
2)) Determine Allowable Bending Stress

Fg = 27 ksi for 50 ksi steel

AASHTO "92 : Table 10.32.1A
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3.) Determine Thickness
eS=M/F, =262/27 =970 in°

* trg = JB) = /(69.7) = 7.63 inches - use 3 plates @ 2.5"
-+ step plates 2.25" on each side

The plates are treated as a monolithic unit.
4.) Check Cantilever Bending at Point A

® w = 2099 / (39*34.5) = 156 k / in
® M = 156 (225)® / 2 = 3.95 inch - kips
®S =395/27 =015 in°

@t = ,/(0.]5*6) =094in < 25in, OK

Design of Rocker Pin (see Figure A 3)

1) Determine Allowable Bearing Stress on Pin AASHTO %92 : Table 1032.1A
Fy = 20 ksi for 50 ksi steel

2.) Determine Thickness
® tq = 2099/ (39*20) = 2.7 inches - use 3.5"

3.) Check Bending due to Horizontal Force
® M = 53* = 318 inch - kips
®S =39*352 /6 = 1178 in°
®f =318/1178 = 4ksi < 27ksi OK.

4.) Check Weld Assuming 0.5" Groove Weld on Both Sides

®R_ = 03*70*1.0 = 21k /in
®f =53/39=136k/in <21k /in, OK
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Sizing of Cap Girder Web

1) Determine Maximum Shear on Web
® Voo = {299+297+294 }DL + {30*20/52}CAP + {211*1.5}LL= 1218 kips

2.) Determine Required Thickness
® Assume depth = 84" and no transverse stiffeners will be used

F,
g 733E7 _32

(DI, Y

AASHTO "92 : 1034.4.1

® f, = 1218000 / ( 84*,) = 733E7 / (84 / t, )?: t,, = 112 inchesuse 125"
®f, =1218 /(84*125) = 116 ksi < F, /3 =50 /3 = 17ksi, OK.

Design Bearing Stiffeners (see Figure A4)
1.) Determine Minimum Thickness to Preclude Buckling AASHTO *92 : 10.346.1

 [_F

Rl Y

t =
=n 12 Y 33,000

ot = (13.5/12)/(50000/33000) = 138 inches -+ use 15"

2.) Calculate Properties
® Area = (13.5%L5*6)ST + (2*14+2%9*1.25)*1.25WEB = 184.625 in®
® I = (1/12)*4.5*2825% = 8454 in*
® r = /(8454/184.625) = 6.7 in

® Ki/r = 0.75*845/6.77 = 93T in
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3.) Determine Compression Capacity AASHTO 1032.1.A
F, = 23580 - 103 (X y2
r
eP.=FA= (Z3580-L03‘9.372)*184.625 = 23.5*184.625 = 4339 kips > 2099 kips, O.XK

4.) Check Stiffener Bearing Stress AASHTO 92 : 10.32.1.A
F, = 40 ksi  for 50 ksi steel
® f = 2099/(6*12*1.5) = 19.5 ksi < 40 ksi, OK.
The 1.5" cope reduced stiffener width from 13.5" to 12"
5.) Check Stiffener to Web Weld AASHTO 92 : 103.2
F,=19 ksi for 70 ksi weld material
® assume minimum fllet weld; size = 5/16"
® f = 2099/(12*76*.707*3125) = 1042 ksi < 19 ksi, OK

Size Anchor Bolts and Related Plates

1.) Minimum Anchor Bolt Diameter for Spans over 100 feet =~ AASHTO *92 :1029.6.2
dy, = 15 inches

® Anchor bolts embedded 20d, = 20(1.5) = 30 inches
0Usc:A:|93B7ste:elrod,Fy = 105 ksi
® Use 4 anchor bolts and 4 hold - down bolts per connection
The above specifications are typical. Since uplift will not occur, the anchorage
need not be checked.
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2.) Design Cross Plate

The cross plate is designed as a fixed - fixed bearn with a point load at the center.

The magnitude of the load is equal to the allowable tensile stress of the anchor

bolt. AASHTO 92 : 10321.A

f, = 0S5 F,

® B, = A, (055F,) = 141*0.55*105 = 81 kips

®M = PL/8 = 81*14 / 8 = 141 in-kips

® Spq = 142 /27 = 526 in’ : t,y = /(6%5:26/14) = 150 inches - use 15" plate
3.) Size Bearing Pad
Design bearing pad to resist allowable tensile load of anchor bolt.

® Use 1 inch thick preformed fabric pad (ypical)

® Allowable stress = 2000 psi

® Apq = (81/2) = 405in® : t = /405 = 636 in -+ use 6.5" X 65" pad
4.) Size Nut - Washer Plate
Determine thickness in manner similiar to bearing plate design. See Figure 1.*%.

®w=281/625%=191k/in/in: M = 1.91*325% / 2 = 10.09 in - kips

® S = 1009 /27 = 037 i’ : t,, = J/(6*037) = 149 inches > use 15" plate
5.) Design Anchorage

The anchorage comprises a template to hold the anchor bolts and hold -

down bolts in place and two heavy hex nuts to hold the bolts in place.

Design Schematics of the cap girder and the connection detail are given in Figure A.S,
A6, and A7,
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Figure A2 Model of Stepped Bearing Plates

lzogg kips

S
53 kips
6" t

(w)

Figure A3 Forces on Rocker Pin

Figure A.4 Bearing Stiffener Properties
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APPENDIX B : DERIVATION OF BEARING PLATE EQUATIONS

B = “_k__ B.1)
4E1

where k is the foundation modulus per unit
ke >l width, EI is the beam stiffness per unit width
[51-

Determination of k

For uniform stress over surface of square on elastic medium (concrete or grout),

A ___ql(l"vz)

(B2)
ag Ec ﬂ

where 4, is the average deflection and q is the uniform load per unit width [19,20]. Ifk = q
/ Bavgr

B 1 (B3)
(1-v*) /i
If v = 0.17 for concrete, 1-v% = 097 » 1, which gives
_E ' B.4)
Vi

Substituting Equation B.4 into Equation B.1 gives

4
- | 351 ®5)
NEF
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Determine Effective Length of Bearing
At Bl > 3, portions of plate ineffective. Letting 8/ = 3 and solving Equation B.5 for /

gives
35
E
1=25 |=7 (8.6)
The maximum moment at centerline of plate is

_ P cosh Bl - cos Bl _ -
M, =-— = Q. = .7
e = 35 b bl s e pr  CPP @ Bl=3 ®

which gives the maximum stress as

M . Pl
= _°® - 0854 = (B.8)
fmx S b tz

Limiting the maximum stress to the allowable bending stress F,, and solving for t gives

0.54P]
t, = (B9)

where b is the width of the beam. Substituting Equation B.9 into Equation B.6 gives

Looaos | B[ 2T | (B.10)
o E | F,b

At F, = 0.55F, where F,, = 50 ksi

o021 | B 5]'”5 (B11)
E | b
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Deflection Under Load P
For determination of Equation 8.18. The deflection under load P is

6=£_§_2+.cosﬂl+coshﬂl (B.12)
b k sn pl + sh pl

At I = 3and k = E_ / /1, localized stiffness of concrete under bearing plate is

-P_
kq,,-g-o.szcﬂ;b (B13)
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APPENDIX C : WIDE-FLANGE BEARING PROPERTIES
Properties of Fatigue Specimens

D d d-2tf T tw,ave tw.SE k
(in) (in) (in) (in) (in) (in)
FO87LTID 12.53 10.88 9.62 0.508 0.525 1.455
FO87LB1D 12.53 10.88 9.62 0.508 0.525 1.455
FOS7LTID 12.53 10.88 9.62 0.508 0.525 1.455
FOS7LTID 12.53 10.88 9.62 0.508 0.525 1.455
FO37LB1D 12.53 10.88 9.62 0.508 0.525 1.455
FO87UT2D 12.51 10.89 9.59 0.509 0.537 1.460
FO87UB2D 12.51 10.89 9.59 0.509 0.544 1.460
FOS7LT2D 12.52 10.89 9.46 0.509 0.539 1.530
FO087LB2D 12.52 10.89 9.46 0.509 0.542 1.530
FO87UT2D 12.51 10.89 9.59 0.509 0.539 1.460
FO87UB2D 12.51 10.89 9.59 0.509 0.543 1.460
FO87LT2D 12.52 10.89 9.46 0.509 0.540 1.530
FO087LB2D 12.52 10.89 9.46 0.509 0.543 1.530
F152UTI1D 13.89 11.00 9.43 0.884 0.869 2.230
F152UB1D 13.89 11.00 943 0.884 0.864 2.230
F152LT1D 13.90 11.00 9.21 0.885 0.865 2.345
F152LB1D 13.90 11.00 921 0.885 0.869 2.345
F152UT2D 13.90 11.00 9.40 0.878 0.878 2.250
F152UB2D 13.90 11.00 9.40 0.878 0.866 2.250
F152LT2D 13.88 10.96 9.13 0.877 0.869 2.375
F1521L.B2D 13.88 10.96 9.13 0.877 0.8370 2.375
F152UT3D 13.89 10.99 9.39 0.873 0.864 2.250
F152UB3D 13.89 10.99 9.39 0.873 0.869 2.250
F152LT3D 13.88 10.98 9.42 0.876 0.865 2.230
F152LB3D 13.88 10.98 9.42 0.876 0.869 2.230
F152UB1S 13.90 11.00 921 0.885 0.869 2.345
F230UT1D 15.00 10.82 9.63 1.30 1.32 2.685
F230UB1D 15.00 10.82 9.63 1.30 1.31 2.685
F230LTI1D 15.00 10.84 9.60 1.30 132 2.700
F230LBID 15.00 10.84 9.60 1.30 131 2.700
F230LB1S 15.00 10.84 9.60 1.30 1.31 2.700
F230UB1S 15.00 10.82 9.63 1.30 1.31 2.685
F230LB2S 15.00 10.82 9.63 1.30 1.31 2.685
NOMINAL VALUES FROM AISC MANUAL
W12X87
T=9.5" |d=12.53"|t,=0.515"| k=1.5"
WI12X152
T=9.5" |d=13.71" t.,=0.870"| k=2.125"
W12X230
T=9.5" |d=15.05"t,=1.285"| k=2.75"
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gce

Properties of Compression Specimens

TEST SIZE b ty h Wr A Tavg Sevg t,g,top t,g bot
d-2t)
in in in in in* in® in in
C087361| W12X87| 36 0.511 10.91 71.17 18.40 0.400 1.567 0.524 0.529
C087362| Wwi12X87| 36 0.511 10.91 71.17 18.40 0.400 1.567 0.524 0.525
C087241] Wi12X87] 24 0.516 10.89 70.35 12.38 0.275 1.065 0.531 0.532
C087242] WI12X87| 24 0.506 10.89 71.74 12.14 0.259 1.024 0.527 0.528
C087243| Wi12Xx87| 24 0.512 10.89 70.90 12.29 0.268 1.049 0.540 0.535
c152361| wi2x1s2| 36 0.893 11.01 41.10 32.15 2.136 4.785 0.906 0.886
C152362] WI12X152( 36 0.879 11,01 41.75 31.64 2.037 4.636 0.865 0.869
C230241| W12x152| 24 1.300 10.85 27.82 31.20 4.394 6.760 1310 1.320
C230242| wi2x230] 24 1.300 10.85 27.82 31.20 4.394 6.760 1.320 1.300
T08724N| WI2X87] 24 0.507 10.94 71.93 12.17 0.261 1.028 0.525 0.528
T08724S| Wi2x87] 24 0.510 10.94 71.50 12.24 0.265 1.040 0.531 0.529
T15224N| Wi2X152| 24 0.889 11.0t 41.28 21.34 1.405 3.161 0.873 0.870
T152248| w12x152] 24 0.892 11.02 41.18 21.41 1.419 3.183 0.882 0.880




APPENDIX D : DERIVATION OF MOMENT AND FORCE EQUATIONS

FOR WIDE-FLANGE BEARINGS

gH
(EN),
E L o

Lc
I» li
‘\IA%
0
v
+
M

Displacement due to horizontal for

H

4 " @

2 3
Lch+Lch2+_I:c_+£((ED,]]
2 3 3| @,

Rotation due to horizontal force

__H L L, B ED,
e {L"’ 2 ?(wn»]]
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Displacement due to moment

2
Ay | pele B[ ED
(ED), 2 2 | &,

Rotation due to moment

o, =2 (L +h (ED,
(ED, &,

Stiffness Constant Definitions

- H ., _H =M
kH—AH .ku A‘l pu eﬂ
- (ED,
Ry L? (ED
£ +h2Lc+—c+E( ‘}
2 3 3| @,
@,
k, =
Lh+L_"2.+E (EI)"
¢ 2 2 | (ED,
(ED),
Bu=
ch-h ﬂ
&)
mpatibili
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Solve Equations D.8 and D.9 for H and M

_ Pa 67
N K LA, . ]
- (D.10)
1 - ky By
k2
Bu('er+ kHAT]
M= ku ®.11)
1 - kg Bu
k 2
M
Rearranging Equati D.1 d D.11
() ()
H=kgA, Ar )3 ku D12)
1- kg Pu
b}
,
IS
M=p,0, O )\ ku ' D.13)
1 - ky By
k2
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ume g rotation i li hown below

e let Ay = -y O [rotation (-)]

* Ar / br = -y
* 01/ bp = -(1/y) OF CAP GIRTER
Rearranging Equations D.12 and D.13
(302
H=k A, AW D14)
L ka By
£}
y % +1
M=p,06; L] (D15)
1 - kE ﬂu
)

For force and moment due to temperature change, assume f4. = 0 (from Eqs. D.10, D.11)

kg Ar

( by ®10

%

H =

k 3\

Al &
Bu Ar|

(D17)
B

K}

M=
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For the moment at the top of the bearing due to longitndinal force (from Eq. D.9, 4. = 0)

M= H[-E‘—'] (D.18)
kH
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APPENDIX E : DESIGN EXAMPLES FOR PROPOSED CONNECTION

NO UPLIFT
PLAN VIEW
(&) [
l’l< Ny
20° 115" 150° 115’

,J <—10' X 3.5' PIER COLUMN

V4 ik g = 3600 psl

E = 3420 ksi

CROSS-SECTION . 12 2. 0
LANE LANE LANE
LOAD 1 LOAD 2 LOAD3| 150 kips
-
LOADS

COMPRESSION BEARING (2 LANES CONTROLS)
GROUP | GROUP 1 GROUP I GROUP IV GROUPV GROUP VI
v 938k 645k V979K 98k ) §45k {978k
I I I%SR :[(_T I gsT I<_3k+T
100% 125% 125% 125% 140% 140%
® BY INSPECTION, GROUP |, Ili, IV, OR VI WILL CONTROL

% UNIT
STRESS

UPLIFT BEARING (2 LANES CONTROLS)

GROUP | GROUPII GROUP I GROUP IV GROUPV  GROUPWI
v 38k 3Bk v 27k 3%k 3k 297k
I I I (_293 k I%isT I ﬁT Iia k+T
100% 125% 125% 125% 140% 140%
® UPLIFT DOES NOT OCCUR

% UNIT
STRESS
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Design of Wide-Flange Bearing

Size the Bearing Web
1) Try W14 using 50 ki steel.
h JF
1,2 6‘{)—’ - 12-2'0@ = 1.48 inches (101

2.) Size for Group I loading, axial load only.
* F, = 0472F, = 0472(50) = 236 ksi: A, = 938 / 23.6 = 39.8 in®
® @t, = 148 inches, b = 269 inches : Try W14X370 @ 28 inches

P 938 : i
=L - = 203 ksi < 23.6 ksi, OK. 102
U 1, 28 (L6 = a2

k Desion for Remaint d Case

1.) Calculate longitudinal direction stiffness constants
e Bearing : I, = (1/12)(28*2)*1.655° = 21.15 in* : (EI), = 613,477 k-in®
e Pier Column : I, = (1/12)(10*12)(3.5*12)® = 740,880 in* : (EI), = 2.53E9 k-in’
eh=126in: L, = (20+10)(12) = 360 inches : (EI), / (EI), = 4130

2.53E9 e s

E, = = 132 kips [ inch 103

360 ;12.6) « 2.6 360) + 3«;03 . 12:;6’ “130) (103)
2.53E9 .

k, = = 6370 kips | rad 104

360 (12.6) + 35202 . 122°62 (4130) 104

By = 2.33E9 = 48284 inch-kips | rad 10.5)

" 360 + 12.6 (4130)
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2.) Determine horizontal displacement due to temperature change.

A, = 1502*12 ( 6.5E-6+50 ) = 029 inches (10.6)

3.) Calculate maximum bending stress in bearing due to temperature change.

k
ﬂuAr(‘kE'] 48284(0.29)(-13-2—]
M- M) 6370 ) 1 _ 172 inch-kis (107
L Fa By |- 132 @289 2
L2 6370%
=X 12 __ _ 135 ki 03)

S (1058 / 0.83)

4.) Calculate maximum bending stress in bearing due to LF (longitudinal force).

M=LrBH (3 882 ok ks 109)
k. 6370
£, =2 227 . 178 ksi (10.10)

Spuaring  (1058./ 0.83)

5.) Check interaction equations and resize bearing if necessary.
*0.472F = 23.6 ksi : 0.55F, = 27.5 ksi

GRQUPIII : f, = 979 / 4634 = 211 ksi: f, = 1.78

fo , S _ 211 178 _ 096 < 125, O (10.11)
0472F, OSSF, 236 275

GROUPIV : f =202 ksi: f = 135 ksi

fo S 202 135 .. 125, N.G. (10.12)
0472F, 055F, 236 215
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e Increase bearing width by 15%, b = 32 inches, A = 1.655(32)=53.0 in®
of =938 /53 = 17.7ksi: f, = 135 (28/32) = 11.8 ksi
e No need to recalculate stiffness constants

Lo, Jo 117, 118 44095 ok
04T2F, 055F, 236 215

GROUP VI : f, = 21.1(28/32) = 185 ksi : f, = 118 + 1.78(28/32) = 134 ksi

fo S _185 14 _ . 14 0x (10149
Q472F, 0S5F, 236 2715

Bottom Flanege for Bearin

1.) Determine length of bearing flange effective

‘ E( p YV* 20000 (979 \* _ (1015
= — —_—— = = 10.3 hes
by =35 | E [ 055F, b ] 325 3420 ( 275 (32) ] e

2.) Check flange thickness

Pl l 979(10.3) . .
g - | ZIANI) =9, g (10.16)
;2 F’b ) 251 mches<tf 66 inches, OK.

3.) Check bearing stress on concrete

P 979 . )
= = =297 ksi< f/ = 3.6 OK. 10.1
T leb 103 (32) S ks, (10.17)
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Check Fatigue of Bearing [ 1]*
1) Determine Stress Range
® 0 ,q = 000654 radians : 6. = 0.000775 radians : 6, = 0.00143 radians
¢ Above rotations are maximum produced by fatigue truck on one stringer
¢ Position to produce max rotations at left interior support is shown in Fig. E.1
» Assume center of rotation at mid-depth of longitudinal stringer, y = 24+18=42"

1+ y:, ( p o @132 ]
M=8,6, M) | - 48284 (.00143) 6370 % = 765 inch-k
L - Fa Bu | - (132) 48284
£z 6370°
(10.18)
M 76.5 .
S = = = 6 ksi (10.19)
" Spwrme (1058 033)
000775 .
= =325 ksi
5%=0 00143
2.) Check Stress Range Against Allowable
® S, =488 /(53) = 921 ksi : S, = 8.8 ksi for Category A
225, = 22 (325) = 1.15 ksi < §, = 921, OK. (1020

o Since tensile stress range does not exceed dead load compressive stress

no need to check full stress range.

*Fatigue Design is based on the fatigue truck concept in Ref. [1]. This
truck represents the typical service conditions which causes the most
damage as determined from extensive weigh-in-motion studies.
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Design Bearing Stiffeners
e use three 9" wide stiffeners spaced at 11"
e let web thickness = 7/8" and web height = 56"
1) Determine Minimum Thickness to Preclude Buckling AASHTO 92 : 10.34.6.1

% F,
t = e— __L_
= 13 4 33,000

® toin = (9/12)/(50000/33000) = 0.92 inches + use 1"

2.) Calculate Properties
e Area = (9*1*6)ST + (2*11+2*9*1)*IWEB = 94 in®
® Iy = (1/12)*3*18.875° = 1681 in*
o r = /(1681/94) = 423 in
e Kl/r = 0.75*56/4.23 = 993 in

3.) Determine Compression Capacity AASHTO 1032.1A
1r=,=235:;o—1.03(§)2
®P_ = F,A = (23580-1.03*9.93%)*94 = 23.5%94 = 2207 kips > 938 kips, OX.

-4.) Check Stiffener Bearing Stress -AASHTO 92 : 1032.1.A
Fy=40 ki jor 50 ksi steel

® f = 938/(6*7.5*1) = 208 ksi < 40 ksi, OK.
The 1.5" cope reduced stiffener width from 9" to 7.5"
5.) Check Stiffener to Web Weld AASHTO 92 : 1032

F,=19 ksi for 70 ksi weld material

® assume minimum fillet weld; size = 5/16"
® f = 938/(12*56*.707*3125) = 632 ksi < 19 ksi, OK.
The connection is illustrated in Figure E2.
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24 Kips 24 kips
FATIGUE TRUCK ! 6 kips
I | 1 8 ,,,30.000654 radians
a
i .
45' 30’ 14 26
END SPAN: L =115
24 kips 24 kips
FATIGUE TRUCK | g kips
8 o =0.000775 radians | L
center
— ]
h 50° 30 14' 56 ”

CENTER SPAN = 150'

Figure E.1 Fatigue Truck Position for Maximum End Retations

| 1"x 9" STIFFENERS
@ 11"

|-

\v; GROUT PAD

\

Figure E.2 Connection Detail, No Uplift
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PLAN VIEW
< )
o 115 150’ 115
<«—10' X 3.5 PIER COLUMN
i V.4 fc = 3800 psi
E_= 3420 ksi
CROSS-SECTION . 2 2, 10 .
LANE (ANE LANE
LOAD 1 LOAD 2 LOAD 3 150 kips
T T
192 kips A 72
compression £
BEARING A
- 4@85
LOADS

COMPRESSION BEARING (2 LANES CONTROLS)
GROUP | GROUP Il GROUP il GROUP IV GROUPV  GROUPVI

vi574k Y1098k \ 1801 k VisT4k 1036k 181k
I I I(G'oak Ié'r I T ]:23;«7
100% 125% 125% 125% 140% 140%

® BY INSPECTION, GROUP |, IIl, IV, OR VI WILL CONTROL

% UNIT
STRESS

UPLIFT BEARING (2 LANES CONTROLS)

GROUP | GROUP I GROUPII GROUP IV  GROUPV GROUPVI
Aogsk A 120k A 325k 331k 4\ a5k
Izosl. I S‘kI 203L I L #I 3k+T:[203L

% UNIT

STRESS 150% 150% 150% 150% 150% 150%

o GROUP Ili CONTROLS
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From design of compression bearing (calculations not shown)
* W14X455 @ 36" : t, = 2.015": F, = 50 ksi

Determine the Uplift Load

e Tp = 122k : Ty = 203 k (Group HI)

1) T,p = 122 + 2(203) = 528 kips - controls
2) Typ = 1.5(203 + 122) = 488 kips
Design Uplift Resisting Elements

Hold-Down Bolts

e use Al193 GRB7@Fy = 105 ksi, 1.5 " diameter

* 0, = 528/(055*105*1.41*15) = 432 bolts -+ use 6 bolts
Wide-Flange Bearing

T, =15 (055(50) (36) 2015) =2993 k> T, = 528 kK OK (1022)

Anchor Bolts

¢ use 150 ksi threadbar (ASTM A722), 4 anchor bolts per connection

e anchor bolts on 11" X 11" pattern

® Ay = 528/(4*0.66*150*15) = 0.88 in® —+ use 125" ¢, A, = 125 in?
.Connection Between Bearing Top Flange and Cap Girder

¢ perimeter length of top flange = 2*36+2*16.84 = 106 inches

e use fillet weld, F, = 0.27 (65) = 17.6 ksi

® teg = 528/(0.707*17.6*1.5*106) = 027 in -+ use 5/16" (minimum size)

Design Anchorage
¢ See "Design of Headed Anchor Bolts" by J.G. Shipp and ER.

Haninger, Engineering Journal, AISC, Second Quarter 1983.
[17]
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e Embedment depth necessary to produce anchor bolt failure
before concrete breakout is 84 inches. A typical anchorage is
shown in Figure 8.5.

Determine Pretension Force
e By = Tp + Ty = 122 + 203 = 325 kips
Check Fatigue of Anchor Bolts
cul pnection
1.) Anchor Bolt

e L, = free length (69") + one-half of embedment depth (427) = 109"
e use E = 30,000 ksi for threadbar

k=4 (1251)0;30000) - 1376 Kips per inch

2.) Cap Girder and Stiffeners ,
e same properties as in No Uplift Example
oh, =56 A, = 54in%, A, = (22 + 36)*5%(7/8) = 254 in®

k,, = 200 (3 + B4) . 41120 kips per inch (1025)
56

3.) Wide-Flange Bearing
k.. = 36 (2‘01125)6 29000 _ 167000 kips per inch (10.26)
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4.) Concrete
e Ay, = 36(16.48) = 593 in%, A, , = 11(11) = 121 in?

o = ST 320 - 14560 s per inch 027)
5.) Concrete Under Bearing Plate
k_, = 0.3 (3420) I35 36 = 135700 kips per inch (1023)
6.) Total Compression Element Stiffness
-1
k=L . 2 ., 1 ,_1 - 9400 kips per inch  (1029)

| 41120 167000 14560 135700

Transverse Direction
o for lane loading, Sp = 13 ksi for category E; should also
check for multiple truck loading and single truck loading
(AASHTO *92 103.1 - 10.3.2) or use Guide Spec [1].

8400

T, -4 1 + 3400
r (‘25)13[ " 1376

]=509k>T,_=203,0.K. (1030)

.Longitudinal Direction
e let 6 = 0.006 from simplified method described in Section 423

§ - 55 (1376/4) 0006
r 125

= 9.1 ksi <5, = 13 ksi, OK. (1031)
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Design Bearing Stiffeners

Determing Length of Top Stiffeners
o use minimum weld size 5/16"
* L, = 528/(12*0.707* 3125*17.6*15) = 754 in : add 1.5 for cope
o use 10" long stiffener, leave 2" gap for lower stiffener
o use 44" lower stiffener, all stiffeners 1" X 9"

Uplift detail shown below.

5 l g ths"«p THREADBAR

- 1" X 8" STIFFENERS

r T

W14X455 @ 36"

- GROUT PAD

1.5" ¢ HOLD-DOWN
J\ BOLTS

Figure E3 Connection Detail, Uplift
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